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Sammanfattning

Rapporten redovisar resultat och erfarenheter fran ett forskningsprojekt delfinansierat av SBUF.
Projektet omfattade ett filtforsok dédr en forspind betongbro, Gruvvigsbron, i Kiruna belastades
till brott och dar tva olika forstarkningsmetoder undersoktes. Bron var uppford i fem spann dver
121,5 m och bestod av tre efterspinda T-balkar. Mittenbalken forstirktes med tre 10 x 10 mm?
tickskiktsmonterade (NSM) kolfiberstavar och den sodra balken forstirktes med tre 1,4 x 80 mm?
kolfiberlaminat som forspénts upp till 100 kN med en nyutvecklad metod for gradvis forspdnning.
Bada forstdarkningssystemen monterades pa Dbalkarnas underkant for att Oka deras
momentkapacitet. Belastningsforsoket gjordes i spann 2-3 och bestod av tre delar: (1) Belastning
av den of0Orstédrkta bron upp till totalt 6,0 MN, (2) Belastning av den forstirkta bron upp till 6,0
MN och (3) Brottbelastning av den de tva forstérkta balkarna.

Syftet med laminatforstirkningen var att i félt utvirdera det forspdnda laminatsystemet som
utvecklats vid Chalmers Tekniska Hogskola. Utvirderingen omfattade dels en analys av systemets
tillimpbarhet med belysning av eventuella problem och forbittringsmdjligheter, dels en
undersokning av eventuella forstiarkningseffekter pa en forspand betongbro. Syftet med NSM-
forstarkningen var att utvirdera eventuella forstirkningseffekter. Slutligen gav de tva
forstarkningsatgirderna en mojlighet att kunna jimfora kostnader och resultat for ett aktivt-
(forspant) och ett passivt (ospant) forstiarkningssystem pa samma bro.

Undersidan pa balkarna hade fatt en krokning uppat, 6verhdjning, pa grund av den ursprungliga
forspidnning som gjordes vid uppforandet av bron 1959. Det resulterade i att laminaten forlorade
kontakten med betongbalken Over en stricka av 14 m nir de forspdndes och glipan mellan betong
och laminat uppgick till maximalt 31 mm. Ett ospént laminat har formagan att anpassa sig efter
underlaget, men nir det forspanns forlorar det sin anpassningsformaga. Det betyder att metoden
inte kan anvéndas effektivt pa konkava konstruktioner och savida underlaget inte &r helt jamnt
kommer det att uppsta skillnader i limfogens tjocklek, vilket kan leda till férankringsproblem.
For att undvika krokningen, pa grund av dverhdjningen fran forspanningen, hade en pagjutning pa
balkarnas underkant kunnat genomforas for att skapa en plan yta, en sadan atgiard hade vildigt
besvirlig samt kostsam att genomfora for att gora.

Ett annat problemomrade som identifierades var forankringen av forspdnningssystemet. 12
stycken 210 mm langa ankarbultar anvindes for att forankra forspanningsanordningarna i balken
for varje laminat. Det betyder att ett stort antal @22 mm hal maste borras i balken och eftersom
det i underkant ofta forekommer mycket armering dr det en ytterst svar uppgift att undvika
armeringsskador vid borrningen. For att undvika att armeringen skadas foreslas att utformning pa
forankringen av forspanningssystemet fordndras.

Resultaten fran belastningsforsoken visade att bada metoderna kan anvéndas for att 6ka forspinda
betongbroars lastkapacitet. De tydligaste effekterna av forstdrkning var framforallt reducerade
tojningsnivaer i balkens dragarmering. For NSM-systemet visade resultaten en Okande
forstarkningseffekt for hogre lastnivaer medan laminatsystemet tvirtom visade en minskande
effekt for hogre lastnivaer. Effekten av laminatforstirkningen paverkades dock av
forankringsproblemen som gjorde att laminattdjningen i1 mittspannet var mindre @n tdjningen 1
balkens underkant. Laminaten lossnade fran betongbalken vid en last pa 9,0 MN och
forankringsbrottet var en foljd av att det oforankrade omradet i mittspannet vixte utat. Den
maximala utnyttjandegraden for laminaten var 37 % (inkl forspanningskraft, 12 % exkl.
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forspianningskraft), i laborativ miljo uppvisar forspidnningssystemet avsevird hogre utnyttjadegrad
1 vissa fall upp till ndstan 100 % (brott i laminat). Forstdarkningssystemet med NSM-stavar
uppvisade en nyttjandegrad pa 85 % vid maxlasten da den forstdrka balken gick till brott i
kombinerad bdjning och skjuvning.
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1 Inledning
1.1 Bakgrund

Det finns ett okande behov att bevara vara befintliga byggnadskonstruktioner. Broar byggs normalt
for att fungera over en lang tid och under dess livslangd uppstar manga hindelser som paverkar
deras anvindning och kapacitet. Bland annat kan kraven forindras i takt med att trafikbelastningen
okar och leda till att brons kapacitet behover forbattras. Samtidigt stidlls bade nationella och
internationella krav pa att forbittra kapaciteten pa vara vigar och jarnviagar. Tidigare
undersokningar har visat att forstirkning av befintliga konstruktioner har bade ekonomiska och
miljoméssiga fordelar gentemot rivning och nybyggnad. Dirfor finns ett stort och tilltagande
behov av metoder att forstdrka befintliga broar.

En metod som utvecklats sedan 1990-talet &r NSM-forstiarkning (Near Surface Mounted). Metoden
har varit effektiv och har dérfor blivit allmént accepterad och ett stort antal konstruktioner over
hela virlden har forstirkts med denna metod. Laminatforstdrkning innebér att ett laminat limmas
pa en konstruktions yta for att 6ka dess hallfasthet. I samband med betongforstiarkning har det visat
sig att laminatforstiarkning med kolfiberlaminat innebér ett lagt utnyttjande av kolfiberns hoga
draghallfasthet och ett sitt att 6ka utnyttjandegraden dr att forspénna laminatet. Ett problem med
forspianda laminat dr de hoga skjuvspanningar som uppstar i dnden av laminatet och leder till
forankringsproblem. For att sdnka nivan pa skjuvspidnningarna i laminatforankringen har ett
system for gradvis forspanning utvecklats pa Chalmers och Gruvvigsbron i Kiruna var ett utmérkt
forsoksobjekt for att utvdrdera den nya metoden.

1.2 Syfte

Det huvudsakliga syftet med projektet var att undersdka och utvirdera systemet med gradvis
forspanning och se hur lampligt detta &r att appliceras pa en verklig betongkonstruktion. I och med
att samverkan kunde genomf6ras med det av Trafikverket/BBT/LKAB-finansierade projektet
”Gruvvigsbron” 1 Kiruna kunde syftet med projektet delas upp ytterligare eftersom att detta
forsoksobjekt skulle provas under bade bruks- och brottlaster. Syftet delades saledes vidare upp o
flera delar och utgick fran att testa tva forstarkningsmetoder, NSM- och forspand
laminatforstarkning, i full skala pa en forspénd betongbro. De delar som undersoktes var:

1) Laminatsystemets praktiska tillimpbarhet

2) Laminatsystemets forstarkningseffekt pa en forspand bro

3) NSM-systemets forstarkningseffekt pa en forspand bro

4) Jamforelse av ett aktivt- (forspint) och ett passivt (ospint) forstarkningssystem pa samma
forsoksobjekt.

1.3 Avgransningar

Studien omfattar ett forsoksobjekt i form av Gruvvdagsbron i Kiruna. Endast tva
forstarkningsmetoder undersoktes och testprogrammets omfattning begrinsades dels av projektets
ekonomiska ramar och dels av en tidsrestriktion da bron skulle rivas under hosten 2014. Det
befintliga forsoksobjektet “Gruvvigsbron” begrinsade utformningen av forstdarkningssystem
baserat pa objektets befintliga utformning, geometri samt tillgdanglighet. Av denna anledning
forstirktes endast en balk med forspinningssystemet samt en balk med NSM-systemet.



1.4 Metodik

Projektet har genomforts som ett faltforsok dir Gruvvdgsbron i1 Kiruna fungerat som
forsoksobjekt. Forsoket inneholl tre delar: belastning av oforstédrkt bro, forstdrkning av bro och
belastning av forstirkt bro. Tva forstirkningsmetoder anvindes: NSM och forspianda laminat.
Bron utrustades med totalt 141 métpunkter och effekterna av belastning overvakades for den
oforstirkta bron och for den forstdarkta bron. Olika grader av kontrollerade belastningar
genomfordes for att aterspegla bade bruksgrénstillstand och brottgrénstillstand. I denna rapport
sammanstélls och analyseras resultaten fran faltforsoket och dessutom rapporteras de erfarenheter
som erhallits angdende den nyutvecklade metoden for laminatforstirkning med gradvis
forspinning.



2 Beskrivning av forsoksobjekt

2.1 Generellt

Gruvvigsbron var en forspind betongbro som byggdes 1959. Bron fungerade som en direktldnk
mellan Kiruna stad och LKABs jirnmalmsgruva over Malmbanan och E10. Pa grund av
gruvbrytningen var bron utsatt for tilltagande markrorelser och 2006 inledde LKAB en
Oovervakning av brons rorelser. 2010 uppgraderades pelarna med hoj och sidnkbara pelare for att
kunna korrigera eventuella sdttningar i marken under bron (Enochsson 2011). Bron stingdes 2013
da gruvans rasskyddsomrade utvidgades och tickte LKABs anslutningsvidg. Under varen och
hosten 2014 genomfordes ett omfattande testprogram for att undersoka brons robusthet och
sikerhet. Det sista steget i testprogrammet utgjordes av brottbelastning i brons andra spann. En
sammanstédllning av hela testprogrammet finns beskrivet 1 Bagge (2014) och resultat har redovisats
1 Nilimaa (2015).

2.2 Geometri och material

Gruvvigsbrons totala spannvidd uppgick till 122 m fordelat pa fem spann, se Figur 1.
Overbyggnaden var en 15,6 m bred T-balkbro med tre huvudbalkar, se Figur 2. Vid det vistra
landfistet, stod 1 i Figur 1, var bron fritt upplagd medan ostra sidan, stod 6, var upplagd pa tre
rullstod. De inre stoden utgjordes av kvadratiska 550 x 550 mm2 pelare under respektive
huvudbalk. Broplattan och kdrbanan pa brons vistra sida (87,2 m) var uppford som en sviangande
konstruktion med en radie pa 500 m medan huvudbalkarna bestod av rita segment med
riktningskorrigeringar endast 6ver stoden. Bron hade en dosering pa 2,5 % och lutade 5,0 % i
langsriktningen.
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Figur 1. Gruvvigsbron i Kiruna.
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Figur 2. Tvdrsektion av Gruvvigsbron i Kiruna.

Broplattan var 300 mm tjock ndrmast balkarna och fasades gradvis ner till 220 mm 1,0 m innanf6r
dessa. Huvudbalkarna var 410 mm breda i mittspannen, 650 mm 6ver stdden och 550 mm vid
spannkablarnas forankringspunkter (8,2 m véster om stdd 3 och 8,1 m Oster om stdd 4). Totala
hojden for T-balkarna var 1923 mm. Bron efterspandes i tva etapper med ett BBRV-system med
kablar bestaende av 32 @16 mm stalvajrar (St 145/170) med kabeldragning enligt Figur 3. T den
forsta etappen spiandes 6 spannkablar per balk upp till 90 ton vardera fran bada riktningarna och i
den andra etappen erholl de 4 och 6 kablarna 1 véstra och dstra segmenten samma spéannkraft, men
dessa uppspindes endast fran den yttre sidan.

Overbyggnaden uppfordes i betongkvalitet K400 och underbyggnaden i K300. Huvudbalkarna var
bojarmerade med 3 P16 mm stidnger i botten och uppat fanns @10 mm stidnger pa biagge sidor
fordelade med c/c 200 mm for ytterbalkarna och 150 mm for mittbalken. Tvérkraftsarmeringen
bestod av @10 mm byglar med c/c 150 mm. Stalkvaliteten i balkarna var Ks 40 med ett tickande
betongskikt pa 32 mm for @16 mm stingerna och 30 mm i 6vrigt. Stalkvaliteten i plattans armering
var Ks 60. En sammanstéllning av testade materialparametrar ges i Tabell 1.
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Figur 3. Spdannarmeringens utformning.



Tabell 1. Testade materialegenskaper.

Betong Som 61.8 MPa
K300 CoV 11.3 %
Betong Som 62.3 MPa
K400 CoV 18.1 %
Stal Ks40 Fom 484 MPa
@16 mm Som 702 MPa
Stal Ks40 Fon 439  MPa
?10 mm S 705 MPa
Spinnstal Fom 1.61 GPa
St145/170 f 173 GPa
CFRP I 3.63 GPa
StoFRP HM 200 Ef 211 GPa
& 1.71 %
Epoxi T, 19.0 MPa
StoPox SK41 E, 7.87 GPa

2.3  Forstdrkning

Forsoksprogrammet for Gruvvégsbron innefattade bland annat en undersokning av tva separata
forstarkningssystem med kolfiberkompositer (CFRP) som applicerades pa undersidan av
mittbalken och den s6dra balken i spann 2-3. Som lim anvéndes en tixotrop tvakomponents epoxi
(StoPox SK41) till bada systemen. Den norra balken forblev oforstérkt under belastningstesterna.
Det forsta systemet som tillimpades pa mittbalken var tiackskiktsmonterade kolfiberstavar (NSM)
dr tre kvadratiska 10x10 mm? stavar monterades i epoxiforsedda friista spar i betongens tickskikt.
Da kolfiberstavarna levererades i maximalt 10 m enheter krivdes tva 6verlappande skarvar (1,0 m
langa) for att ticka spannet pa mittbalken med NSM, se Figur 4. Det andra systemet som
tillimpades p& den sodra balken bestod av tre 1,4x80 mm? kolfiberlaminat som forspénndes med
100 kN spéannkraft vardera och limmades fast pa den bléstrade betongytan med epoxi. For att
inrymma tillfalliga forankringsanordningar under uppspidnningen av laminaten valdes en kortare
laingd pa det mellersta av de tre laminaten, se Figur 4. Ytterligare beskrivning av
forstiarkningssystemen ges 1 avsnitt 3.
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Figur 4. Disposition av NSM pa mittbalken och laminat pa sodra balken.

2.4 Forsoksuppstdllning

Provbelastningen gjordes i mitten pa det andra spannet med hjélp av fyra hydraulcylindrar med
kolvareor pad 1282 cm?, slaglingder pA 150 mm och maxkapaciteter pad runt 7,0 MN.
Belastningsnivan kontrollerades med hjdlp av hydraultrycket. Cylindrarna var placerade ovanpa
tvé svetsade stalbalkar med dimensionerna 700x1180x5660-6940 mm?®. Lastfordelningsbalkarna
var utférda med dubbla liv, hade tvirsnittsarean 700 mm? och stilkvaliteten var S355J0. For att
erhalla en lodrdt belastning pa den lutande bron anvindes stalplattor med dimensionerna
700x700x5-20 mm® och stlkvaliteten S275J0. P4 s sitt erholls totalt tre belastningspunkter
centrerat ovanfor varje huvudbalk dér den sodra sidan hade ett understéd pa 20 mm och det norra
understodet var 265 mm. Hydraulcylindrarna var forankrade 14,6 m ner i berggrunden med hjélp
av fyra stalkablar bestdende av vardera 31 (15,7 mm vajrar. For att mojliggora kabeldragning
borrades fyra @200 mm hal ner genom broplattan. Forsoksuppstillningen illustreras i Figur 5.
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Figur 5. Forsoksuppstdllning for Gruvvdgsbron i Kiruna.



2.5 Forsoksprogram

Belastningen av Gruvvégsbron utfordes i tre steg, se Figur 6 och 7.

1) Belastning av den oforstiarkta bron upp till totalt 6,0 MN (2,0 MN pa vardera T-balk).
Forsoket inneholl tre delar. (1-1) jaimn belastning av bada lastbalkarna (totalt ca 1,5 MN).
(1-2) Vixelvis belastning av en lastbalk at gangen i steg om 1,0; 2,0 och 3,0 MN. (1-3)
Jamn belastning av bada lastbalkarna i steg om totalt 1,5; 3,0; 4,5 och 6,0 MN.

2) Upprepning av steg 1 efter forstarkning.

3) Brottbelastning av den forstirkta bron utford 1 tre steg. (3-1) Jimn belastning av samtliga
huvudbalkar upp till totalt 12,0 MN (4,0 MN pa vardera T-balk). (3-2) Bibehallna
maxlaster i for norra huvudbalken och mittbalken fran forra steget med dkande last upp till
brott i den sddra huvudbalken vid totalt 13,5 MN (4,0 MN i norra huvudbalken och
mittbalken, och 4,0 - 5,5 MN i sodra balken). (3-3) Konstant last pa sédra och norra
huvudbalkarna och gradvis okande last upp till brott i mittbalken vid totalt 14,1 MN (4,0
MN i cylinder 1 och 4, och 2,0 — 3,05 MN i cylinder 2 och 3).
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Figur 6. Forsoksprogram for forsok 1 och 2.
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Figur 7. Forsoksprogram for forsok 3.



2.5.1 Matningar

Belastningsforsoken 1 Kiruna innehdll ett omfattande Overvakningsprogram med totalt 141
mitpunkter for forskjutningar, tdjningar, laster, sprickdppningar, temperatur och krokning.
Forskjutningarna kontrollerades vertikalt med draglinesensorer (DWS, draw wire sensor), samt
horisontellt med traditionella ldgesgivare (LVDT, linear voltage displacement transducer) och
laser sensorer (Noptel PSM-200). Tojningsgivare (SG, strain gauge) installerades pa betongen,
armeringen och kolfiberforstiarkningen. Armeringstdjningarna i T-balkarna kontrollerades pa tre
nivaer: 6verkantsarmering (30 mm under Oversta betongytan), mellanarmering (1248 mm over
betongens underkant) och underkantsarmering (32 mm 6ver betongens underkant). Ytterligare 9
tojningsgivare svetsades pa tre byglar i den sodra balken (1250, 2150 och 3050 mm vist om
mittspannet) for att overvaka vertikala tojningar pa fyra nivaer (148, 548, 948 och 1348 mm
ovanfor betongens underkant). T6jningsgivarnas placering for den sodra balken illustreras 1 Figur
8 och 9. Totalt limmades 24 tojningsgivare pa kolfiberforstirkningen, se Figur 10. Tre
krokningsbalkar, med vardera 5 LVDT med c/c 800 mm, centrerades pa mittbalkens undersida vid
mittspannet och pa brons ovansida vid stod 2 och 3. Tre sprickor, en pa vardera huvudbalken,
overvakades med hjilp av sprickdppningsmitare (COD, crack opening displacement). Lasterna
kontrollerades med hjilp av oljetrycket 1 hydraulcylindrarna. Temperaturen i bron méttes med
temperaturtradar (04 N/N-24-TT) som borrades in i olika djup i betongen.
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Figur 8. Placering av tdjningsgivare pda den sédra balkens bojarmering.
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Figur 9. Placering av tdjningsgivare pd den sédra balkens skjuvarmering.
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3 Forstarkningssystem

3.1 Inledning

3.1.1 Fiberkompositer

En fiberkomposit (FRP) definieras som ett material dir korta eller kontinuerliga fibrer
sammanfogas och binds ithop av en omgivande matris. I forstarkningssyfte anvénds vanligtvis
fibrer av kol, glas och aramid (kevlar), medan matrisen ofta utgors av nagon hérdplast, t.ex. epoxi,
polyester och vinylester. Matrisens funktion &r dels att binda ihop fibrerna och Overfora
skjuvkrafter mellan fibrer och dels att skydda fibrerna mot negativ paverkan fran omgivningen.
Diérmed ir det viktigt att matrisen i en fiberkomposit har en betydligt hogre brottdjning dn sjdlva
fibern. Figur 11 illustrerar typiska materialegenskaper for nagra av de vanligaste fibrerna och i
Tabell 2 sammanfattas materialegenskaper for de vanligaste hirdplastmatriserna. Egenskaperna
for ett kompositmaterial beror dels pa typ av fibrer och matris och dels pa fiberriktningen. En
fiberkomposit dr linjdrelastisk upp till brott. Hallfastheten och styvheten dr storst i fibrernas
langdriktning och materialegenskaperna dr dessutom bittre 1 drag dn 1 tryck. De vanligaste
kompositerna inom byggbranschen bestar av fibrer i en riktning, men det forekommer &ven bi- och
triaxiella system. For systemen med enkelriktade fibrer redovisas materialegenskaperna normalt 1
fiberriktningen om inget annat anges. Pa grund av de anisotropa egenskaperna har lastens riktning
stor betydelse och tester har visat att draghallfastheten reduceras med upp emot 70 % for en
kolfiber om den belastas med en avvikelse pa 30° fran fiberriktningen.

Fiberinnehallet i en fiberkomposit ligger ofta pa 35-75% av volymen beroende pa bland annat
materialval och tillverkningsprocess, medan resterande andel wutgdrs av matrisen.
Utmattningsegenskaperna for fiberkompositer ar generellt béttre @n for stal. For kolfiber ar
utmattningsegenskaperna mycket goda medan de for glasfiber avtar for spanningsnivaer dver ca
25 %. Spanningsnivaerna bor déarfor hallas under ca 25 % for glasfiber och 60 % for aramidfiber
for att undvika utmattnings och krypningsproblem. Krypningen i kolfiber dr didremot relativt liten.

Fordelarna med fiberkompositer jamfort med traditionella material dr bland annat hog E-modul,
hog brotthallfasthet, god bestdndighet och lag vikt. En annan fordel &r att fiberkompositerna kan
tillverkas i manga olika skepnader och darfor lampar sig vil for forstirkning av komplexa
konstruktioner. Forstirkning med fiberkompositer har ofta ett snabbt arbetsforfarande och leder
till billiga forstarkningslosningar med lagt underhallsbehov. En av nackdelarna ar fibrernas laga
axiella styvhet och transversella hallfasthet vilket forsvarar mekanisk forankring av forspinda
stavar. Ett annat bekymmer med fiberkompositforstiarkning dr avsaknaden av plastisk deformation
som utan forvarning kan leda till plotsliga sproda brott, sérskilt 1 forspannda betongkonstruktioner.
Detta kan lyckligtvis undvikas genom att dverarmera tvérsnittet fOr att styra brottet till ett
betongkrossbrott istdllet for brott 1 kompositen. Ett annat sdtt att Oka duktiliteten 1
fiberkompositarmerade betongkonstruktioner &dr att kombinera olika forstdrkningssystem med
varierande armeringstyp eller placera forstarkningen pa flera tojningsnivaer (No€l, 2013). Mahal
(2015) demonstrerade &dven att fiberkompositer kan ©ka duktiliteten 1 utmattningsskadade
betongkonstruktioner. Trots att forstidrkningssystem med fiberkompositer kan var relativt dyra
med hoga materialkostnader sa visade Grace et al. (2012) att den totala livscykelkostnaden kan bli
vildigt lag, bland annat genom lagt slitage och laga underhallskostnader.
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Figur 11. Typiska materialegenskaper for fibrer, virden himtade fran Tiiljsten et al. (2011).

Tabell 2. Typiska materialegenskaper for hdardplastmatriser, Tdljsten et al. (2011).

Property Polyester Epoxy Vinyl ester
Density (kg/m3) 1200-1400 1200-1400 1150-1350
Tensile strength (MPa) 34-104 55-130 73-81
Young’s modulus (GPa) 2.1-3.5 2.7-4.1 3.0-3.5
Ultimate strain (%) 1.0-6.5 1.5-9.0 4.0-5.0
Poisson’s ratio (-) 0.35-0.39 0.38-0.40 0.36-0.39

I byggbranschen &r kolfiberkompositer den helt dominerande fibertypen vad géller
forstiarkningsarbeten, men dven glas-, aramid- och till viss del basaltfibrer har anvints. Nedan
foljer en kort beskrivning av de vanligaste fibertyperna.

3.1.1.1Kolfiber

Kolfiber borjade utvecklas i USA pa slutet av 1950-talet utifran behovet av starka, styva och litta
material inom flygplans- och militdrindustrin. Utvecklingen fortsatte i Storbritannien och Japan pa
1960-talet och som tidigare nimnts nadde detta nya material betongindustrin pa 1980-talet.
Kolfiber dr en oorganisk fiber som tillverkas i buntar om ca 10 000 fibrer dér varje enskilt fiber
har en diameter pa 5-15 um. Tillverkningen av kolfiber omfattar virmebehandling (upp till ungefir
2000 °C), strackning och oxidation. Kristallstrukturen i kolfibern &r av betydelse eftersom en mer
ordnad struktur leder till en hogre styvhet. Kolfibern dr dessutom relativt bestidndig och dess
hallfasthet och E-modul paverkas relativt lite av hga temperaturer och svara byggmiljoer.
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3.1.1.2Glasfiber

Glasfiber dr en oorganisk fiber som tillverkas genom att forst pressa smélt glas genom en liten
Oppning pa 1-3 mm och direfter stricks fibern ut tills den har en diameter pa ca 3-20 um. Vid
tillverkningen forses fibrerna dven med en s.k. appretur (sizing) for att forbittra
vitningsegenskaperna och 6ka vidhéftningen till matrisen. Glasfiber tillverkas i olika typer och de
vanligaste bestar av E-glas (electric), S-glas (strength) och alkaliresistent glas. Hoga temperaturer
har en negativ paverkan pa glasfiber, men inom spannet for normala temperaturer inom
byggbranschen paverkas egenskaperna relativt lite. Glasfiberns mekaniska egenskaper paverkas
negativt da den utsitts for kemisk korrosion och i de fall dér langtidslasten dverstiger ca 25 % av
brottdjningen. Dérfor ldmpar sig glasfiberkompositer mindre vdl for forspdnnda
forstirkningssystem.

3.1.1.3Aramidfiber

Aramidfiber dr en organisk fiber som tillverkas genom att en aromatisk polyamidlosning pressas
genom ett munstycke och stricks ut tills diametern édr 10-15 pm. Aramidfibern har en hog formaga
att ta upp energi vid t.ex. stotar och den har dven goda utmattningsegenskaper, liten krypning och
klarar hoga temperaturer (upp till ca 180 °C). Nagra nackdelar &r dess kdnslighet mot UV-stralning
och att materialet absorberar vatten. Dérfor anvinds aramidfiberkompositer relativt sparsamt 1
forstirkningsarbeten.

3.1.1.4Basaltfiber

Basaltfibrer tillverkas av basalt som bestar av mineralerna plagioklas, pyroxen och olivin. Vid
tillverkningen smaélts basalt vid ca 1400 °C och pressas ddrefter genom sma munstycken tills de
har fatt en diameter pa mellan 9 och 12 pm. Produktionskostnaderna for basaltfiberkompositer
ligger under de for kolfiber, men Over de for glasfiber och egenskapsmissigt tal de hoga
temperaturer och alkaliska miljoer.

3.1.2 Palimmade forstirkningssystem

Forstarkningsarbeten pa betongkonstruktioner utforts vanligtvis genom tillforsel av extra armering
i form av t.ex. stidnger, plattor eller vdv. Orsaken till forstarkningen kan variera, men beror ofta pa
fordndrade behov i form av hogre laster eller nya funktioner vid t.ex. héltagning. De forsta
systemen med palimmad armering utvecklades i borjan av 1960-talet och utvecklingen pagar dnnu
idag. Till en borjan anvindes stalplattor, fista i betongen med hjilp av olika epoxiblandningar
(Téljsten, 1994), men anvindningen begrinsades nagot av stalplattornas egenskaper sasom
korrosionsbendgenhet, lag flexibilitet, skarvningsproblematik och stor arbetsborda orsakad av
plattornas hoga vikt. I borjan av 1980-talet borjade forskare vid Empa, Schweiz, darfor att testa
fiberkompositer vid betongforstiarkning (Meier, 1992). Forskningen och utvecklingen har sedan
dess gatt framat och idag finns savil ett antal normer och dimensioneringsrekommendationer, se
FIB (2001), FIB (2006), ACI (2008), Téljsten et al. (2011), m.fl., och dven den praktiska
erfarenheten har 6kat fran manga typer av forstarkningsobjekt virlden over.

3.1.2.1Laminat

Forstdarkning med laminat utgors ofta med kolfibersystem som limmas pa en forberedd, torr och
vil rengjord betongyta med ett tixotropt tvakomponent epoxi. Forberedelserna dr samma for alla
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fiberkompositer som limmas pa en betongkonstruktion och innebér ett forsta steg med antingen
slipning eller bléstring av betongen for att avligsna ytskiktet och sédkerstilla en god vidhiftning
mellan fiberkomposit och betong. Direfter rengors ytan for att fa bort eventuella partiklar och
smuts som kan forsimra vidhiftningen. I vissa fall rekommenderar leverantoren av
forstarkningssystemen att en primer stryks pa betongen innan sjidlva limningen. Syftet med
primern dr att undvika att vatten eller lim sugs in i1 betongen och forsdmrar vidhéftningen.
Temperaturen vid limningen &r ocksa av betydelse da epoxin hirdar simre vid 1dga temperaturer,
< 10°C. Laminaten levereras ofta med en skyddsplast (peel-ply) som avldgsnas precis innan
limningen for att undvika skador och smuts som forsdmrar vidhédftningen. Limningsprocessen
inleds med att blanda ihop epoxins komponenter och direfter stryks ett tunt lager ut pa laminatet.
Limningen utfors ofta i en konvex form med ca 3mm i mitten och 1 mm vid kanten. Uppldggningen
av laminaten sker ofta for hand och ett ldtt tryck pafors for hand eller med t.ex. en gummiroller for
att trycka ut limmet innan eventuellt Overskott skrapas bort. Hirdningstiden {or
laminatforstarkning ligger normalt pa 4-7 dagar och beror bland annat pa omgivningstemperatur
och materialegenskaper for det valda systemet. Vid 20°C har ungefir 80 % av hallfastheten
uppnatts efter 1 dygn, Téljsten et al. (2011).

Alla typer av palimmade forstarkningssystem behover en viss forankringslingd for att siakerstélla
en fullgod kompositverkan och didrmed undvika forankringsbrott mellan betongen och
forstiarkningen. Det finns didremot olika sitt att forbéttra forankringen efter behov, till exempel
genom att omsluta forankringszonen med kompositvév eller tillféra nagon form av mekanisk
extraforankring som bultade plattor. Placeringen av laminat och riktningen pa fibrerna viljs pa ett
sdtt som optimerar forstdrkningseffekten, bojforstarkning placeras 1 regel 1 balkarnas underkant
med fibrerna i ldngsriktningen och tvérkraftsforstarkning kan appliceras utmed balkarnas liv
(Taljsten, 2006).

Ett forstarkningssystems utnyttjandegrad i bruksgrénstillstandet kan enligt Collins och Mitchell
(1997) okas genom att tillfora en forspidnning. Syftet med forspdnd armering &r att reducera
dragspdnningar 1 betongen, minska deformationerna, forsena uppsprickningen, samt minska
sprickvidder och foljdproblem orsakade av sprickor, t.ex. korrosion i stalarmeringen. Forspénda
laminatsystem borjade undersokas i slutet pa 1980-talet da Saadatmanesh och Ehsani (1989)
limmade glasfiberlaminat pa den konkava sidan av en forbelastad balk. Da limmet hdrdat
avlastades balken och en indirekt forspdnning uppstod i1 glasfibern. De forsta forsoken med
forspianda kolfiberlaminat rapporterades nagot senare av Triantafillou et al. (1992).

Forarbetet for forspidnda laminatsystem dr samma som for slaka system med skillnaden att balken
hir forses med en forspanningsanordning, t.ex. ett vinkeljarn som forankrats i balken och som
hydraulcylindrarna kan vila mot vid uppspédnningen. Limmet stryks ut innan laminaten lyfts pa
plats och forspanns. Nir limmet hirdat monteras forspanningsanordningen ned och laminaten kan
ddrmed sprida ut forspanningen dver hela ldngden.

Ett fatal laboratorietester har gjorts for att undersoka forstarkning av forspanda betongbalkar.
Takacs och Kanstad (2000) sdgade ut och forstiarkte T-balkar fran en nedlagd bro och visade att
palimmade slaka laminat sdnkte maxdeformationen med 37 %. I en storre laboratorieundersokning
med balkar fran en forspand betongbro ldt Czaderski och Motavalli (2007) jamfora en oforstéarkt
balk med tva forstirkta balkar. Den ena balken var forstarkt med slaka laminat och pa den andra
balken hade laminaten forspéants. Resultaten pavisade flera fordelar hos det forspianda systemet
jamfort med det slaka. Bland annat noterades mindre deformationer, tojningar och sprickvidder.
Sprickfrekvensen var dessutom lidgre och den maximala lastkapaciteten 6kade nagot.
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3.1.2.2NSM

Téckskiktsmonterad (NSM) forstirkning dr en vidareutveckling av ytbundna forstdarkningssystem
sasom laminat dir NSM-armeringen limmas i frésta eller sdgade spar i betongens tidckskikt.
Metoden utvecklades i mitten pa 1900-talet da Asplund (1949) forstirkte betongbroar med
stalarmering som limmades fast med cementbruk. Metoden vidareutvecklades under 1990-talets
andra hilft, men fokus hade da skiftat till epoxilimmade fiberkompositer pa grund av bade
praktiska och mekaniska fordelar (De Lorenzis och Nanni, 2001a, b; Téljsten et al. 2003).

Installation av fiberkompositer i friasta spar innebar ett antal fordelar jamfort med ytmonterade
alternativ, bl.a. forenklas forarbete och fOrspinning samtidigt som forankringen oOkar och
armeringen skyddas bittre (De Lorenzis och Teng, 2007). Dessutom blir det en mindre paverkan
pa konstruktionens estetik da forstdarkningssystemen blir dolda. Armeringen i NSM-system kan
besta av olika material och tvirsnitt. Rektangulira eller kvadratiska tvirsnitt anvénds till exempel
for att maximera tvirsnittsarean i frista spar, runda stavar anvdnds med fordel i samband med
forspiannda system pa grund av att de &r enklare att greppa vid sjidlva forspanningen. Smalare
remsor kan minimera risken for forankringsproblem da kompositens forankringsarea Okar i
forhallande till dess tvérsnittsarea.

Forankringen paverkas av ett antal parametrar som sparens geometri och avstand mellan tva spar
eller mellan ett spar och balkens ytterkant (De Lorenzis och Teng, 2007). Blaschko (2003) foreslog
att ett optimalt limlager mellan komposit och betong i ett NSM-spar bor vara mellan 1-2 mm. For
runda NSM stavar foreslog De Lorenzis (2002) en minsta sparbredd pa 1,5 ganger stavens
diameter. Sparen for smalare remsor bor enligt Parretti och Nanni (2004) ha ett djup pa minst 1,5
ganger remsans hojd och bredden bor vara minst 3 ganger av remsans tjocklek. Hassan och
Rizkalla (2004) foreslog baserat pa numeriska modeller ett minsta avstand pa 2 ganger
stavdiametern mellan runda stavar.

Tva olika system har testats vid forspanning av NSM armering, indirekt- och direkt forspénning
(El-Hacha och Soudki, 2013). Det indirekta forspanningssystemet gar ut pa att spdnna upp
armeringen mot en extern mothallsram dar ramen far vara pa plats tills limmet har hiardat. NSM
stavarna som lingdmassigt stricker sig utanfor betongbalkens @ndar placeras i ett limfyllt spar och
spanns med hydraulcylindrar mot en mothallsram. Nér limmet har natt sin hallfasthet 16sgors
stavarna fran mothallsramen och kapas slutligen vid balkédndarna och darmed Overfors
forspianningen indirekt till balken. Den indirekta metoden har testats av bland andra Nordin och
Tiljsten (2006), Jung et al. (2007) och Wu et al. (2007). De direkta forspianningssystemen har
ddremot en mekanisk forankring som tillater hydraulcylindrarna att arbeta direkt mot balken vid
uppspédnningen, se t.ex. Al-Mayabh et al. (2005) Badawi (2006) och Elrefai et al. (2012).

3.1.2.3Viv

Forstarkningssystem med vav skiljer sig fran ovriga system i det avseendet att fibrerna kan finnas
1 antingen en eller flera riktningar och att man arbetar med rena fibrer 1 form av mattor eller viv.
Diérmed dr fibrerna mer kénsliga for mekaniska skador eller smuts vid transport och hantering. Vid
vavforstarkning stills ofta hardare krav pa forarbetet da ytan bor vara jamnare vid appliceringen
och istillet for de tixotropa lim som anvénds for laminat och NSM ér det vanligt att anvinda sig
av ett mer lattflytande lim med ldgre viskositet. Vivsystemen &r relativt flexibla och ldmpar sig
dérfor bra vid forstirkning av krokta konstruktioner. Pelarforstirkning utférs normalt genom att
lata viven omsluta pelaren.
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Forstarkningen borjar med forbehandling av betongytan, d.v.s. bldstring/slipning och applicering
av primer. Direfter rollas ett lager av det littflytande limmet direkt pa betongytan innan viven
laggs pa plats och ticks med ytterligare ett lager lim. Da viven ofta har en tjocklek pa 0,1-0,2 mm
behovs ofta flera lager for att ticka hela forstirkningsbehovet, maximalt ca 10 lager. Limmets
tjocklek bor vara tunt vid viv{orstiarkning, ca 0,5 mm per lager, Téljsten et al. (2011)

3.2 Forspdnningssystem for kolfiberlaminat

3.2.1 Bakgrund

Genom att forspdnna foOrstdarkningssystemet utnyttjas en storre del av kapaciteten hos
forstarkningsmaterialet 4n om fOrstiarkningssystemet inte forspidnns. Detta géller 1 synnerhet 1
samband med kolfiberforstiarkning dir kolfiber har ansenligt hog draghallfasthet. En av fordelarna
med att forspdnna forstarkningssystemen &r att systemen aktiveras direkt efter hdardning. For icke
forspanda system behover betongkonstruktionen uppvisa mattlig deformation/belastning, ofta i
samband med uppsprickning, innan de borjar bli verksamma. Genom att forspénna erhalls saledes
en hogre potential for att forstdrkningssystemen ska kunna vara verksamma under belastning i
bruksgranstillstand. Ytterligare en fordel med forspinda forstdarkningssystem déar laminat-
geometrier tillimpas, utanpaliggande limmade plattor, &r att brottmoden kan fordndras fran ett
flakbrott eller forankringsbrott till fiberbrott. Fldkbrott eller forankringsbrott dr vanliga i samband
med icke forspinda forstirkningssystem med laminat. En fullt utnyttjad forspdnd laminat,
fiberbrott, bygger sjédlvklart pa att forstarkningssystemet dimensionerats pa rtt sitt.

De olika stegen 1 samband med forspdnning av laminat som limmas mot en betongkonstruktion &r
redovisade 1 Figur 12. Det forsta steget omfattar att betongunderlaget forbereds for limning samt
att laminatet forbereds infor forspidnningen. Det andra steget innefattar att laminat forspinns, dvs.
att en kraft fors in i laminaten, samt limmas mot betongunderlaget med bibehallen
forspanningskraft. Det tredje steget omfattar att kraften 1 laminatet frigérs och dverfors mellan
laminat och betongkonstruktion. I det tredje steget innebédr kraftoverforingen att den forstéarkta
betongkonstruktionen far en overhdjning, se Figur 12. I de fall laminaten forspinns med en
moderat forspanningskraft, motsvarande 5 % av laminatets totala draghallfastheten, &r
sannolikheten stor att laminatet lossnar fran betongunderlaget (fliknings-/forankringsbrott), El-
Hacha et al. (2001). Skjuvspanningar motsvarande 100 MPa kan byggas upp i dnden pa laminaten
om en forspanningskraft om 200 kN tillimpas, se Figur 12. Skjuvhallfastheten for typiska
bindemedel (epoxi) som anvinds 1 samband med kompositforstirkning dr 25 MPa och
betongunderlaget klarar sillan skjuvspédnningar 6ver 3-5 MPa. Det ar alltsa av stort intresse att
utveckla fOrspidnningssystem som motverkar uppkomsten av dessa hodga skjuvspidnningar 1
kompositens dnde.
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Figur 12. T.v. steg i samband med forspinning. T.h. hoga skjuvspdnningar i dnden pa laminat i samband
med forspdnning och vidhdiftning.

3.2.2 Gradyvis forspianning

Skjuvspédnningen i limfogen mellan komposit (FRP) och betongunderlaget blir proportionell till
graden av fOrspanningskraft i kompositen. Detta innebdr att lutningen/inkrementen pa
forspianningskraften 1 kompositen avgor hur stor skjuvspdnningen blir 1 vidhéiftningen. Desto hogre
lutning/inkrement desto hogre skjuvspinning i limfogen. Om lutningen/inkrementen pa
forspanningskraften kan utformas sa att dessa blir gradvis relativt sma, kan storleken pa
skjuvspdnning 1 limfogen minskas. Principen f{O0r att gradvis/inkrementellt reducera
forspanningskraften dr redovisad 1 Figur 13.
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Figur 13. Gradvis forspdnning for att reducera skjuvspdnningar i limfogen vid kompositens dnde, Kliger
etal (2014).

Det finns olika sitt for att reducera lutningen/inkrementen av forspianningskraften. Ett sitt &dr att
manipulera hédrdningstiden for limmet. Eftersom att det vanligaste fogmaterialet utgdrs av en
hirdplast av epoxy kan okad temperatur medfora snabbare hidrdning. Genom att lokalt oka
temperaturen en bit in fran den forspianda kompositens dnde sa hiardar bindemedlet snabbare. Om
temperaturen sedan successivt sdnks mot laminatets dnde skapas en gradvis forankring och ddrmed
reduceras skjuvspdnningarna, Aram et al. (2008). Denna princip &r redovisad i Figur 14.
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Figur 14. Applicerad och genererad kraftgradient vid kompositens dnde, Aram et al. (2008).

TENROC Technologies AB ir det foretag som tagit Over forspianningstekniken som utvecklats av
forskarna vid CTH. Detta foretag utvecklade forspanningstekniken vidare genom att forenkla
forankringsanordningen som gradvis applicerar forspidnningskraften till kompositer av laminattyp,
se Figur 13. I forankringsanordningen som TENROC utvecklat byggs forspdnningskraften upp
fran laga krafter vid laminatens @nde och lings laminatet tills den maximala erforderliga
forspanningskraften 4r uppnadd. Den gradvisa forspidnningen erhalls genom att applicera
forspanningskraften pa flertalet olika punkter pa laminatet. Pa detta sitt byggs krafterna upp
mindre inkrement, eftersom att det finns ett direkt forhallande mellan lutningen av den axiella
kraftkurvan och storleken pa skjuvspanningarna i limfogen, detta reducerar skjuvspanningarna vid
laminatets @nde. Genom att fordela den totala forspanningskraften pa ett storre avstand blir
lutningen pa den axiella kraftkurvan mindre, se Figur 13.

Forspanningssystemets utformning, béttre fordelning av skjuvspidnningarna i laminatens &dnde,
innebdr att systemet uppvisar bittre forstirkningseffekt jamfort med icke-forspénda
kolfiberlaminat. Hoga utnyttjandegrader &r redovisade i laborativ miljo, dnda upp mot 100 %
utnyttjandegrad (fiberbrott), Haghani & Al-Emrani (2014).

3.2.3 Uppbyggnad av system

Forspanningssystemet bestar av flertalet olika komponenter, diar de mest signifikanta visas i listan
nedan. Utover dessa tillkommer dven olika detaljer som beskrivs 1 efterféljande text.

Forspanningsanordning (forankringsanordning)

Gejder (stdnger anvisar riktning for forspanningsanordning)
Tillfdlliga stod (for forankringsanordning)

Forankringslada (som stod for domkraft)

Hydraulisk domkraft (pafor forspanningskraft)

MRS

De tempordra stoden anvinds under forspdnningsfasen for att forankra forspdnningskraften.
Gejderstangernas syfte ar att halla forankringsanordningen fixerad och tas bort efter att
forspanningen dr avslutad. Forankringsanordningen maste appliceras pa laminatets bada dndar for
att den gradvisa appliceringen av forspanningskraften ska gilla for bada dndarna av laminatet. Det
ricker att applicera forspanningskraften i en av dndarna (som blir den aktiva dnden) for att erhalla
samma effekt med gradvis forspanning i bada dndarna. Den passiva dnden (dér kraften inte
appliceras) har samma typ av tillfilliga stdd som den aktiva dnden. Forspinningskraften ska genom
utformningen av forankringsanordningarna fordelas dock lika 6ver laminatet.
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Forankringsanordningen innehaller flertalet detaljer. Denna &r utformad med flertalet olika
metalldelar som kopplas till varandra med hjilp av stalstinger. Dessa stalstinger har samma
funktion som fjidrar med olika fjiderkonstanter och &r dven den huvudsakliga orsaken till den
gradvisa uppspianningen. Nir systemet dr monterats, efter att limmet lagts pa laminat, appliceras
forspanningskraften pa den aktiva forankringsanordningen. Kraften pafors via en hydraulisk
domkraft som fésts 1 forankringsanordningen. Domkraften 0kar gradvis forspanningskraften 1
laminatet till onskad storlek och storleken pa kraften 6vervakas kontinuerligt via en lastcell.

Kraftoverforingen mellan forankringsanordning och laminat sker via att laminatets yta forstérkts
med ett lager glasfiberlaminat pa en stricka motsvarande ca 1.2 m och med en tjocklek om ca 10
mm. Anden pi glasfiberlaminatet ir avfasad for att reducera eventuella spinningskoncentrationer
mellan glasfiberlaminat och forstiarkningslaminat. Syftet med glasfiberlaminatet dr att 6verfora
krafter fran forankringsanordningen till forstirkningslaminatet utan att paverka
forstarkningslaminatet negativt. Kraftoverforingen mellan forankringsanordningen och
glasfiberlaminatet sker via 20 mindre muttrar, ingjutna 1 glasfiberlaminatet, dir
forankringsanordningen skruvas fast i samband med monteringen och innan forspinning.
Kraftoverforingen mellan glasfiberlaminat och forstirkningslaminat (vanligtvis CFRP) sker via
limning, denna vidhéftning ska ske minst 7 dagar innan forstdarkningen appliceras och under
kontrollerad omgivande miljo for att sékerstélla fullgod vidhiftning. En illustration over systemet
och dess olika delar dr redovisad 1 Figur 15. Glasfiberlaminatet 4r markerad som ljusgult och
domkraften dr markerad som klargul. Figur 15 visar den hogra delen av forstirkningssystemet dir
forspanningskraften pafors, dvs. den aktiva sidan, den andra sidan ser likadan ut fast utan den
hydrauliska domkraften men med forankringslada. Nir erforderlig forspanningskraft enligt
lastcellen dr paford lases anlutningsstangen med en mutter och domkraften kan avlagsnas. Efter
att limmet mellan forstarkningslaminat och betongunderlag hédrdat kan gejder, tillfdlliga stod,
forankringslada och forankringsanordning tas bort och kvar blir endast forstarkningslaminat med
den palimmade glasfiberlaminatet.

Guiding bars Anchor box Hydraulic jack
CFRP laminate }'..\
7 : A

A /1

GFRP strip at the tapered end Connection rod

with small screws

Figur 15. lllustration av forankringssystemet applicerad pa betongunderlag, Kliger et al. (2014).

3.2.4 Applicering av forstarkningssystem i full skala

3.2.4.1Forberedelse av forstdarkningssystem innan transport till arbetsplats (AM1)

Innan forstiarkningssystemet applicerades pa plats forbereddes samtliga forstarkningslaminat, av
kolfiber (CFRP), med att glasfiberlaminatet limmades fast i bada dndar, se Figur 15. Detta
arbetsmoment skedde i en kontrollerad miljo och saledes inte pa plats. Av denna anledning var det
darfor viktigt att lingderna pa kolfiberlaminatet kontrollerades innan montering eftersom att det
inte fanns nagra mojligheter att gora dndringar nédr vil kolfiberlaminaten levererats till
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arbetsplatsen. Forberedelserna kolfiberlaminatens @ndar med glasfiberlaminat omfattar foljande
steg:

® Ombesorja att glasfiberlaminaten har samma bredd som kolfiberlaminaten samt forbereda
respektive glasfiberlaminat sd att de far en lingd motsvarande 1.2 m. En énde av
glasfiberlaminaten ska vara avfasad, denna dnde ska sitta pa motstaende sida som @nden
av kolfiberlaminatets dnde, se dven Figur 15.

e 20 mindre hal borras i glasfiberlaminatet genom att anvéinda en prefabricerad mall.

e Muttrar limmas i de forborrade halen, det kridvs 2 skruvar for respektive metalldel som
overfor kraften fran forankringsanordningen.

¢ Glasfiberlaminatet med de monterade muttrarna limmas sedan fast pa vardera dnden pa
kolfiberlaminatet, se Figur 16.

e De tio mindre metalldelarna som fordelar ut forspidnningskraften 1 laminaten, av
forankringsanordningen, skruvas fast, se Figur 17.

Figur 16. Ovre, glasfiberlaminat, med monterade muttrar, limmad mot ena dnden pd kolfiberlaminat.
Forankringsanordning monteras mot glasfiberlaminat med tva skruvar. Nedre, forankringsanordning
fastskruvad i glasfiberlaminat.

Figur 17. Forankringsanordning med tillhorande metalldelar fastskruvade i glasfiberlaminat.

En av de kritiska sektionerna, vid bl.a. hanteringen, pa den forberedda delen av kolfiberlaminatet
ar dir glasfiberlaminatets och kolfiberlaminatet sammanfogats. I synnerhet 1 den sektionen dér
glasfiberlaminatets avfasade del slutar och endast styvheten av kolfiberlaminatet tar vid. I denna
sektion kan det ldtt uppkomma brott i limningen och under handhavandet bor denna del fixeras
mot ofordelaktiga deformationer. Denna fixering 10stes genom att en styvare plankbit av trd
tejpades fast under transport och handhavande, se Figur 16. Plankbiten avldgsnades innan limmet
pafordes kolfiberlaminatet.
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Kostnaden for forankringsanordningen dr redovisad tillsammans med kostnaden for hela
forstirkningssystemet.

3.2.4.2F6rberedelser pad arbetsplats - stdillningar (AM2)

Stéllningsbyggandet kan 1 de flesta fall av forstirkning med kompositmaterial vara avsevirt mer
komplicerat och dyrare #n sjdlva forstirkningsatgarden i sig. Beroende pa atkomst och
tillgidnglighet kan antingen mer eller mindre stdllningsbyggande forekomma. Vanligtvis for
brokonstruktioner Overbryggar dessa ett vattendrag och i sadana fall kan det bli relativt
komplicerade stéllningar som krivs. Anledningen till att uppfora stéllningar dar for att kunna fa
tillgang till den betongyta som ska forstérkas.

I det forekommande fallet av forstirkningen av Gruvvigsbron i Kiruna utgjordes underlaget av
tamligen jimn mark, en gammal bangard. Bron var dock relativt hog och markfrigangen varierade
mellan 6-10 m. Av denna anledning gjordes bedomningen att mobila saxlyftar skulle vara den
absolut mest kostnadseffektiva 16sningen jamfort med platsbyggda stidllningar. Pa plats under
forstirkningsarbetet fanns tre mobila saxlyftar till forfogande, se Figur 18.

Figur 18. Saxlyft som mobil stdllning.

\ Kostnaden for hyra av de saxlyftar som anvéndes i detta projekt uppgick till 900 kr/dag/lyft. \

3.2.4.3Forberedelser pad arbetsplats - betongunderlag (AM3)
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I samband med gjutning av betong bildas en cementhud mot formytan, denna yta har i regel vildigt
dalig kvalitet. For att sikerstilla fullgod vidhiftning av forstarkningssystemet sa bor cementhuden
avlidgsnas genom antingen slipning eller sand/vattenbldstring. For storre ytor, som i det aktuella
fallet med den forstédrkta bron, dr sand/vattenblistring att foredra. Ballasten skall frildggas till ca
50 % av ballastens diameter, men inte mindre dn ca storleken av en lillfingernagel.

Betongunderlaget behandlades i det aktuella fallet genom att vattenbléstras.

Vattenbldstringen tog ungefdr 8 timmar att genomfoéra per balk inklusive etablering och
avetablering. Kostnaden uppgick till 9 000 kr per balk.

For att ytterligare sikerstélla fullgod vidhéftning kan primer anvdandas om underlaget misstinks
vara av lag kvalitet med hog porsugande formaga. Primerns huvudsakliga uppgift dr att forhindra
att limfogen blir for tunn om betongunderlaget suger in limmet samt att primern gor att ytan blir
mindre kinslig mot fuktpaverkan. Eftersom att det aktuella objektet hade hog betongkvalitet samt
att risken for fuktangrepp var lag sa tillimpades inte primer. Vid provtagning av limfogen erholls
fullgod vidhéftning > 1.5 MPa.

3.2.4.4Forberedelser pad arbetsplats - forstidrkningssystem

Mirkning av lage for kolfiberlaminat och forankringssystem (AM4)

En av de mest kritiska delarna med tillimpningen och appliceringen av det forspinda systemet dr
just utsdttningen av forankringsanordningen och dess tillfilliga stod inklusive forankringslada.
Eftersom att forberedelserna och tillverkningen av forstirkningslaminaten tillsammans med
glasfiberlaminten sker innan appliceringen pa plats maste utsittningen stimma exakt da det endast
finns mycket sma justeringsmarginaler i efterhand.

Utséttningen av ldget for kolfiberlaminat och forankringssystem skedde med laserinmétning,
mattband och  fortillverkade mallar av  forankringssystemet.  Utformningen av
forstiarkningssystemet bidrog till att betongunderlaget utnyttjades maximalt. Utsittningen och
markeringen for haltagning kunde av denna anledning endast hamna pa en position.

Tidsatgangen for utsdttning och markering uppgick till 8 timmar for en balk, varav 3
forstirkningssystem applicerades per balk.

Installation av tillfilliga stéd inkl. forankringsplattor och gejder (AM5)

Under optimala omsténdigheter krévs det totalt 6 hal, for bultarna till de temporira stoddetaljerna
(inkl forankringslada), per forankringsenhet vilket innebar 12 hal behover borras per
forstarkningslaminat. Eftersom att en balk forstirktes med 3 laminat behdvdes saledes 36 hal
borras per balk. Halen som borrades hade en diameter om 22 mm och de bultar som tillimpades
for de temporira stoddetaljerna (inkl forankringslada) var Hilti Hakankare HDA-T med en
ankarlingd om 210 mm. Eftersom att bultarna har en avsevird lingd skulle det under optimala
forhallanden erfordras att hela borrlingden sker utan att stota pa armering. Armeringsjdrnen
detekterades med en elektromagnetisk armeringsdetektor. Dock fanns det vildigt sma utrymmen
for justering av forstdrkningssystemet och det fanns ingen mdojlighet att placera
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forstarkningssystemet pa sadant sétt att ingen armering borrades av. Generellt sitt aterfinns en stor
del av armeringsinnehallet i de dragna delarna pa betongbalkar, vilket dven dr de omraden som &r
i behov av forstdarkning. Borrning utan att kapa av armering dr saledes svart att undvika. De
forstirkta balkarna var 1 sitt ursprung kraftigt efterspidnda och i snittet fér maximalt moment
aterfanns endast 3 ¢16 slakarmering i underkant med ett tickande betongskikt varierande mellan
30-35 mm. Basen pa betongbalkarna breddades ndrmare stoden och darfor valdes
forankringspositionerna dir balkarnas undersida var som bredast, for att fa plats med samtliga
forankringsanordningar. Detta omrade var dessvirre @ven en knutpunkt for forankringszon av
dragarmering samt innehall flertalet byglar, flertalet mer &n vad som var utmédrkta i
ursprungsritningarna. Av denna anledning forsvarades borrningen i samband med att flertalet
armeringsjirn behovde borras av for att fa ett hal som passade bultarna. Det bor dven noteras att
det i normala fall inte &r tillatet att kapa armering i befintliga broar och avsteg hirav behover
sirskild utredning. Eftersom att belastningsfallet for bron var kind samt att bron skulle belastas
till brott och sedan rivas utgjorde inte platsen for avkapningen av armering ndgon storre inverkan
pa det statiska verkningssittet.

Borrningen av halen ar redovisade i Figur 19, i det aktuella fallet sa anvindes manuell styrning av
borr. Det hade med fordel gatt att anvinda en borrmaskin med fastmonterat stod. I synnerhet med
tanke pa att flertalet jarn var tvungna att borras genom. Arbetsmomentet med borrning tog avsevart
langre tid pa grund av armeringsjirnen, kédrnborrning hade i detta fall kunnat minimera
tidsatgangen. Efter att hdlen borras fors forankringen till bulten in i halet, sedan justeras de
tempordra stoddetaljerna och skruvas fast med bultarna, se Figur 19.

Figur 19. Borrning av hal, inscdttning av bult samt montering av tillfilligt stod (forankringslada)

Tidsatgangen for borrningen av 36 hal uppgick till 16 timmar per balk och kostnaden for hyra
utrustning och borrstal var 5000 kr.

Installationen av tillfalliga stoddetaljer (inklusive forankringslada) skedde stegvis och for
respektive dnde av forstarkningssystemen omfattades totalt 15 temporira delar, se Figur 20.
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Figur 20. Samtliga tillfilliga stoddetaljer monterade vid en dnde av forstdrkningssystemet.

Tidsatgangen for installationen av de tillfdlliga stoddetaljerna var 6 timmar per balk. Kostnaden
for stoddetaljerna dr redovisade tillsammans med kostnaden for hela forstarkningssystemet.

Montering av forankringsanordning (AM6)

Efter att samtliga tillfilliga stoddetaljer monterats ska forankringsanordningarna monteras pa
forstarkningslaminatet. Detta gors genom att samtliga stalklackar hos forankringsanordningen
skruvas fast mot glasfiberlaminatet som &dr limmat mot forstirkningslaminatet, se Figur 16 och
Figur 17. Nar forankringsanordningarna &r fastmonterade vid forstarkningslaminatets bada éndor
ska forsiktighet iakttagas sa att glasfiberlaminatet inte lossnar fran forstdarkningslaminatet.
Trébitarna som tejpats fast pa forstarkningslaminatets undersida, motstaende sida déar
forankringsanordningen dr monterad, sdkerstéller stabilitet under hantering.

Tidsatgangen for monteringen av forankringsanordningen var 30 minuter per laminat vilket blir
1.5 timmar per balk (3 forstirkningslaminat per balk). Kostnaden for stoddetaljerna &dr
redovisade tillsammans med kostnaden for hela forstirkningssystemet.

3.2.4.5Pdféring av lim och applicering av férstdrkningslaminat (AM7)

Nir forankringsanordningarna &4r monterade pa forstarkningslaminaten kan limstationen
forberedas. Limstationen utgors av en limbank med en limpastrykare, en blandningsplats for
limmet (tvakomponentshiardplast) samt en avfalls/atervinningsplats. Limpastrykaren &r i princip
en lada med en botten och tva viggar. Forstarkningslaminatet placeras i ladan, med den sida som
ska limmas uppat, limmet placeras i ladan och nir forstiarkningslaminatet dras genom ladan
appliceras limmet jimt genom att vid ladans dnde sa finns en stopplat med en smal springa som
pressar limmet 6ver laminatens yta. Springan har saidan geometri att paford limmingd genererar
en limfog motsvarande 2 mm. Limbénk och limpastrykare ir redovisade i Figur 21.
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Figur 21. Limbdink till viinster och limpastrykare till hoger.

Limmet pafors forstarkningslaminatet via limpastrykaren. Eftersom att limpastrykningen sker pa
forstarkningslaminatet mellan de tva forankringsanordningarna sa maste limningen under
forspanningsanordningen ske for hand pa dessa stillen. Detta kan orsaka ojimn tjocklek pa
limfogen, en for tjock limfog kan paverka bestdndigheten negativt genom att hoga skjuvspanningar
skapas.

Nir limmet applicerats pa forstiarkningslaminatet ska denna appliceras mot betongunderlaget.
Forstiarkningslaminatet med lim transporterades ddrmed fran limstationen till stéllningen (3
saxlyftar), se Figur 22. Det forsta steget 1 appliceringen av forstarkningslaminatet &r att installera
forspanningsanordningen i de tillfilliga stoden. Detta genomfors pa sadant sitt att
forspanningsanordningens dragstag fors in i forankringsplattan och sedan placeras stdlklackarna
mot gejderstdngerna. Pa detta sitt erhalls forsta anvisningen av forstarkningslaminatets riktning.
Samtidigt som detta sker pressas forstirkningslaminatet for hand mot betongunderlaget med en
hard roller for att fa full anliggning. Nér den fulla anliggningen erhalls pressas en liten midngd lim
ut pa kanterna lings med forstarkningslaminatet, nér detta sker sa har en limfog om 2 mm uppnatts.
Detta arbetsmoment krdvde flest resurser och involverade 8 personer, om icke-fOrspént
laminatsystem tillimpats hade motsvarande resursbehov varit 2-3 personer.

Figur 22. Montering av forstdrkningslaminat mot betongbalkens undersida. Till hoger, sdrskild
noggrannhet iakttas vid monteringen av forankringsanordning.
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Tidsatgangen for monteringen, handhavandet och appliceringen av forstarkningslaminaten mot
betongunderlaget uppgick till 5 timmar och 20 minuter per laminat (40 minuter per resurs) vilket
blir 16 timmar per balk. Kostnaden for forstirkningslaminaten (3 stycken) var 41 400 kr
inklusive transport och lim.

3.2.4.6Forspdnning av laminat (AM8)

Nir laminatet sedan, tillsynes, dr strackt och full anliggning mot underlaget rader lases den passiva
sidan av forankringen. Lastcell och domkraft monteras sedan vid den aktiva forankringen, se Figur
23. Forspanningskraften infors successivt via domkraften till dess att erforderlig forspanningskraft
erhalls (100 kN per laminat, uppmitt med lastcell). Néar de forsta ldgre belastningarna av
forspdanningen sker kan en viss efterjustering av den passiva delen av forankringen behdvas. Nir
den fulla forspanningskraften erhallits lases muttern vid forankringslddan (aktiv del) och
domkraften/lastcell kan demonteras, se Figur 24.

Denna process tillimpades for samtliga tre forstarkningslaminat som monterades pa betongbalken.

Figur 24. Aktiv del av forspinningsanordning, precis last efter paford spdannkraft om 100 kN.

Tidsatgangen for installationen av domkraft och lastcell for forspanningen av
forstiarkningslaminaten var 10 minuter per laminat (3 forstdrkningslaminat per balk). Kostnaden
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for domkraft och lastcell &dr redovisade tillsammans med kostnaden for hela
forstirkningssystemet.

3.2.4.7Avetablering av forankringssystem (AM9)

Limmet som tillimpades i detta fall var ett tvakomponents epoxilim som kriaver 7 dygn for full
hirdning. Under tiden som limningen hérdade {611 temperaturen i Kiruna och lag mellan 0 — 10°C,
kraven enligt materialleverantoren dr att hardningstemperaturen ska 6verstiga +10°C. Limmet fick
hirda under 7 dygn innan det avligsnades och full vidhiftning erholls enligt dragprover.
Demonteringen av de tillfilliga stoddetaljerna skedde etappvis. Forst skruvades
forankringsanordningen  16s  fran  glasfiberlaminatet,  efter =~ detta  avldgsnades
forspanningsanordningen, se Figur 25. Sedan demonterades gejderstinger och forankringslador,
se Figur 25. Det slutliga resultatet efter demontering av forankringsanordning och tillfilliga
stoddetaljer dr redovisad 1 Figur 26.

Figur 26. Forstdrkningslaminat efter att forankringsanordning och tillfilliga stoddetaljer demonterats.

Tidsatgangen for demontering av forankringsanordning och stoddetaljer var 20 minuter per
laminat (3 forstdarkningslaminat per balk).

3.2.4.8Summering av tidsdtgdng och kostnader

Samtliga arbetsmomentens tidsatgang och dir tillkopplade kostander &r redovisade i Tabell 3.
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Tabell 3. Summering av totala enhetstider samt tillhorande kostnader.

Arbetsmoment

Tidsatgang

Kostnad

Kommentar

AM1

Kostnaden ar redovisad i totalkostnaden for
forstirkningssystemet

AM2

900
kr/dag/saxlyft

Denna kostnad ingar indirekt i samtliga
arbetsmoment.

AM3

8 h/balk

9 226 kr/balk

Angiven kostnad ar inkl. tidsatgang. Utford av
UE

AM4

8 h/balk

Kostnaden ir redovisad som
resursatgang/arbetskraft (se nedan)

AM 5:1
(haltagning)

16 h/balk

5000 kr/balk

Angiven kostnad avser endast hyra av
utrustning och material. Kostnaden for
resursatgang/arbetskraft dr redovisad under
totalkostnad for arbetskraft (se nedan)

AMS:2
(stoddetaljer)

6 h/balk

Kostnaden associerad med stoddetaljer dr
redovisad i totalkostnaden for
forstarkningssystemet. Kostnaden for
resursatgang/arbetskraft dr redovisad under
totalkostnad for arbetskraft (se nedan)

AMO6

1.5 h/balk

Kostnaden associerad med
forankringsanordningen &r redovisad i
totalkostnaden for forstirkningssystemet.
Kostnaden for resursatgang/arbetskraft ar
redovisad under totalkostnad for arbetskraft
(se nedan)

AM7

16 h/balk

41 400 kr

Angiven kostnad avser endast kolfiberlaminat
och tillhérande lim inkl transport

AMS

0.5 h/balk

Kostnaden associerad med forspinningen &r
redovisad i totalkostnaden for
forstarkningssystemet

AM9

1 h/balk

Kostnaden for resursforbrukningen uppgar alltsa till 57 timmar per balk, om en enhetskostnad om
475 kr/timme (inklusive traktamente) appliceras blir den totala resurskostnaden 27 075 kr per balk.
Kostnader for underentreprenor (bldstring av betongyta), maskinhyra och kolfiberlaminat med
tillhorande lim blir 41 000 kr per balk. Kostnaden for forankringssystemet med tillhorande
tempordra delar dr redovisade 1 Tabell 4. Den totala kostnaden for forankringssystemet uppgick
till 204 438 kr, den totala kostnaden omfattar material och utrustning for forstarkning av tva balkar.
Kostnaden for forspidnningssystemet for en balk dr for enkelhetens skull angett som halva

totalkostnaden.

Tabell 4. Kostnader fordelade pa resurser.

Resurs

Kostnad [Kkr]

Kommentar

Arbetskraft

27 075

Summan avser resursatgangen for arbetskraft

Forberedelse av underlag 9226

Summan avser underentreprendr for AM3

Material och maskiner 15 800 Saxlyftar, borrmaskiner och férbrukningsmaterial

Kolfiber och lim 25 200 Kostnaden inkluderar transport

Forspanningssystem 102 219 Totalkostnad for hela forstirkningssystemet AMI1 inkl.
transport av material till objekt

Totalt 179 520
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3.3 Forstarkning med NSM
3.3.1 Inledning

NSM (Near Surface Mounted) ar ett forstarkningssystem utvecklat fran forstarkning med laminat.
Skillnaden &r att staven, som kan vara savil rund som kvadratisk eller rektanguldr, monteras i
betongens tiackskikt istéllet for pa ytan. Syftet med att anvinda NSM kan vara flera, t.ex. erhalls
ett bittre skydd mot yttre paverkan i form av mekaniska skador och brand da stavarna sénks ner i
betongtickskiktet. Det har ocksa visat sig att kraftoverforing och forankring ar betydligt battre for
NSM system i jimforelse med laminat eller viv. Téackskiktet rekommenderas overstiga 20 mm vid
NSM-forstiarkning. I praktiskt utforande ska nedanstaende arbetsmoment foljas:

e Eventuell olja eller fett maste forst avldgsnas, lampligtvis med nagon typ av 16sningsmedel
annars finns risken att dessa fororeningar trycks in i betongen i samband med sagning.

e Uppsagning av spar i betongens tdckskikt, spardjupet avgors av kompositstavens dimension,
men ocksd av tdckskiktets tjocklek. Ar man osdker pa det senare rekommenderas
tackskiktsmitning sa att man kan undvika att skada befintlig armering.

e Efter sagning ska sparen rengoras noggrant, i detta avseende rekommenderas hogtryckstvitt
motsvarande ca 100-150 bar. Ingen sagkax ska finnas i sparet efter rengoring. Sparet maste
vara absolut torrt innan limning.

e En primer for det valda forstdarkningssystemet appliceras och tillats att hirda innan limmet
pafors. Vissa forstiarkningssystem innehaller inte primer, men normalt dr primer att foredra da
det skapar en bittre kvalitetssdkring av vidhédftningen mot underlaget.

e Ett tixotropt epoxilim for det aktuella forstiarkningssystemet appliceras i sagsparet. Limmet
ska ha en sadan konsistens (viskositet, tixotropt) att det inte rinner ur sparet.

e Omedelbart efter limmets applicering monteras NSM staven och pressas in i sparet.
Overskottslim skrapas av med exempelvis en spatel.

3.3.2 Applicering av forstarkningssystem i full skala

Forstarkningssystem med NSM har forekommit pa marknaden i nagra ar och i detta avsnitt
redovisas endast de arbetsmoment som var aktuella for Gruvvégsbron.

3.3.2.1Fé6rberedelser pad arbetsplats - stdillningar (AM2)

Samma saxlyftar som anvédndes vid laminatforstirkningen tjdnstgjorde dven under NSM-
forstarkningen, se avsnitt 3.2.4.2. Totalt brukades stédllningarna under tva arbetsdagar (AM10 och
AM11, se nedan)

\ Kostnaden for hyra av de saxlyftar som anvéndes i detta projekt uppgick till 900 kr/dag/lyft. \

3.3.2.2Férberedelser pad arbetsplats - betongunderlag (AM10)

Forberedelser pa arbetsplatsen innefattar sagning av installationsspar for NSM-stavarna. I det
aktuella fallet anvindes en glidskena for att styra sagriktningen och undvika snedsagning. Tre
parallella spar sagades pa mittenbalken och allt arbete utférdes av tva personer fran en saxlyft. Vid
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de tvd NSM-skarvarna anvidndes en Overlappningsteknik diar de 1,0 m langa 6verlappningarna
inneholl 6 spar. Efterat rengjordes sparen for att fa bort sagkax och damm. Ingen primer anvéndes
1 detta fall, se avsnitt 3.2.4.3.

Sparsagningen tog ungefir 8 timmar for tva man att genomfora, inklusive etablering. Arbetet
utfordes av en underentreprendr och den totala kostnaden uppgick till 36 402 kr per balk
inklusive arbetstid, traktamente, utrustning och frakt.

Anledningen till att sparsagningen har en dyr enhetskostnads hérror till att den underentreprenor
som genomforde sparsagningen var tvungen att transportera manskap och utrustning 36 mil enkel
vig.

3.3.2.3Pdféring av lim och applicering av NSM (AM11)

Dir dr viktigt att man iakttar stor renlighet genom hela limningsprocessen for att dels undvika
nedsmutsning av limmet, dels for att minimera hudkontakt. Lim och hérdare levereras med
korrekta blandningsforhallanden och det &@r vanligt forekommande att man blandar hérdaren i
karlet for limmet (basen) och ror om mekaniskt tills en jimn och enhetlig farg erhallits. Man ska
strikt folja blandningsforhallandena och undvika att ta ut delar fran behallarna vid blandningen.
Vissa materialleverantorer foresprakar dven att blandningen sker i ett separat kirl, det &r alltsa
viktigt att folja materialleverantdrens anvisningar infor blandningen.

Limmet blandades pa en separat station for att undvika spill och applicerades direkt i de uppsagade
sparen. Direfter trycktes NSM-stavarna pa plats i de limforsedda sparen och eventuellt
overskottslim jimnades ut och togs bort med en spatel.

Tidsatgangen for limning och montering av NSM-stavarna uppgick till totalt 4 timmar och
utfordes av tva personer. Kostnaden for kolfiberstavar (9 stycken) och lim var 28 400 kr,
inklusive transport och kapning.

3.3.2.4Summering av tidsdtgdng och kostnader

Samtliga arbetsmomentens tidsatgang och dir tillkopplade kostander &r redovisade i Tabell 5.

Tabell 5. Summering av totala enhetstider samt tillhorande kostnader.

Arbetsmoment Tidsatgang Kostnad Kommentar

AM2 2 dagar 900 kr/dag/saxlyft | Denna kostnad ingar indirekt i samtliga
arbetsmoment. En dag for sparsagning
och en dag for montering av forstirkning

AM10 16 h/balk 36 402 kr/balk Angiven kostnad &r inkl. tidsatgang.
Uttord av UE
AM11 8 h/balk 28 400 kr Angiven kostnad avser endast NSM-

stavar och tillhorande lim
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Tidsatgangen for NSM-forstarkningen uppgick till 8 timmar per balk (AM11) och samtliga
moment utfordes av tva personer. Den totala kostnaden for underentreprendrer (sparsagning),
maskinhyra och forstdarkningsmaterial var 67 002 kr per balk och redovisas 1 Tabell 6.

Tabell 6. Kostnader for NSM-forstdrkning.

Resurs Kostnad [kr] | Kommentar

Arbetskraft 3 800 Summan avser resursatgangen for arbetskraft (AM11)
Forberedelse av underlag 36 402 Summan avser underentreprenor for AM10 (UE)
Material och maskiner 2200 Saxlyftar och forbrukningsmaterial

Kolfiber och lim 28 400 Kostnaden inkluderar transport

Totalt 70 802
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4 Resultat

4.1 Laminatforstirkning

Resultaten for tojningsmitningen fran forsok 1 (oforstirkt bro) och 2 (forstarkt bro), med total
belastning upp till 6,0 MN, redovisas i Figur 27 nedan. Deformationerna 1 bron visade sig vara
ytterst kédnsliga for lasthistoriken och tiden mellan de olika lastcyklerna i forsok 1-2. Dels berodde
kansligheten pa ett segt elastiskt beteende for konstruktionen med langsam aterhdmtning av
elastiska deformationer efter varje avlastning och dels kan omfattningen av de plastiska
deformationerna skilja sig ndgot. Dessutom var en av forstarkningseffekterna en nagot snabbare
aterh@mtning av elastiska deformationer mellan varje lastcykel for den forstiarkta bron. Dérfor syns
en nagot avvikande initial tojning for de tva lastcykler som presenteras i Figur 27. Den oforstérkta
bron uppvisade nagot hogre tojningsnivaer for de lagre laststegen, men skillnaderna och darmed
forstarkningseffekten avtog nér lasterna 6kade. Det bor dock papekas att inga métningar gjordes
under sjdlva forstidrkningen eller uppspidnningen av laminaten och eventuella effekter av sjdlva
forspanningen sasom reducerade dragtdjningar, minskad nedbdjning och aterslutna sprickor ingar
ej 1 resultatredovisningen.

Load
[MN]
SG22
6,0 I
4,0
———————— Unstrengthened
2,0
Strengthened
0,0 -
0 2000 4000 Strain [us]
Figur 27. Dragtojningar i den sodra balken innan forstirkning (streckad linje) och efter

laminatforstirkning (heldragen linje).

Samma tendenser gar att utldsa i Figur 28 som redovisar tojningsprofilen for en tvirsektion i
mittspannet av den sodra balken fore och efter forstiarkning. Figuren redovisar tojningar pa fyra
nivaer i mittspannet med avstand fran balkens underkant enligt f6ljande: 0 mm (laminatt6jning for
givare 17 1 Fig. 10, visas endast for den forstirkta balken), 40 mm (dragarmering, givare 22 i Fig.
8), 1248 mm (givare 23 i Fig. 8) och 1893 mm (givare 24 i1 Fig. 8). Dragarmeringen uppvisade
hoga tdjningsnivaer med dver 1000 ps vid en last pa 1,5 MN och 5500 ps vid 6,0 MN. De stora
skillnaderna mellan laminatens och dragarmeringens tdjning, med ldgre tojningar i laminaten, kan
delvis forklaras av laminatets daliga vidhiftning som orsakades av forhdjningen (6verhdjnaden)
pa balken. Pa grund av vidhiftningsproblemen paverkades laminaten inte av de hoga lokala
tojningar som uppstar vid momentmax i mittspannet och tojningsgivaren mdtte snarare en
medeltojning for den obundna delen av laminatet. Figur 28 visar ocksa att tojningsskillnaderna
mellan laminat och dragarmering Okade for de hogre laststegen. For hogre laster 6kade dven
skjuvspdnningarna 1 laminatens fOrankringszoner vilket resulterade 1 ett eskalerande
forankringsbrott. Didrmed 6kade den oférankrade delen av laminaten nédra balkens mittspann och
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eftersom laminattojningen da fordelades jimnt Gver en lingre stricka, okade skillnaden i
tojningsniva mellan laminat och dragarmering.

........ Unstrengthened 2000

e —+—15MN
—e— 3.0 MN
—a— 4.5 MN
——6.0 MN

-
o
o
o

Height [mm]

D

Strain [us] 4500 2000 -500

Figur 28. Tojningsfordelning vid mittspannet for den sodra balken innan forstirkning (streckad linje) och
efter laminatforstirkning (heldragen linje).

Tojningarna mittes pa samtliga tre laminat i mittspannet och redovisas i Figur 29. Vid ett planerat
laststopp vid 9,0 MN startade en kedjereaktion som fick alla laminat att lossna ett efter ett.
Tojningsnivaerna i de tre laminaten foljdes at pa relativt samma nivaer vid belastningen och
maxtdjningen strax innan de lossnade lag pa mellan 1906 och 2043 s (exklusive ungefir 4250 us
orsakad av 100 kN forspinning). Laminaten var aktiva dnda tills de lossnade, vilket visas av att
tojningarna okade i takt med lasten. Det laminat som alltjamt lag pa nagot hogre tojningsnivaer
var det kortare mittlaminatet och det var dven det som var forst att lossna, tétt foljt av det norra
och sodra laminatet. Belastningen aterupptogs efter att laminaten lossnat och den sddra balken
uppnadde en maxlast pa 13,5 MN. Figur 29 visar dven dragarmeringens tdjning i mittspannet
(SG22). Trots att en total kraft pa ungefir 450 kN omf6rdelades till balken fran laminaten da de
lossnade sa syns inga tecken pa detta i dragarmeringen. Detsamma géller for samtliga métpunkter,
inga fordndringar gar att uppticka nédr laminaten lossnade. Det kan delvis ha berott pa den
laminatens l3ga tvirsnittsarea (336 mm?) i forhillande till spinnarmeringen (3619 mm?) samt att
spannarmeringen medfor en stor tryckkraft. Matningar genomfordes for att undersoka den
kvarvarande spinnkraften och dessa resultat kommer att analyseras under 2016.
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Load
[MN]
14,0 SG22

12,0

SGF16-18
——————————————————— Debonding

10,0
8,0
6,0
4,0
2,0
0,0

Strain

0 5000 10000 15000 20000 [us]

Figur 29. Tojningar i laminat (SGF 16-18) och dragarmering(SG22).

Tojningsfordelningen for tre nivaer (h = 40, 1248 och 1893 mm fran balkens underkant) ovanfor
stod 2 och 3 redovisas i Fig. 30-31. Fyra lastnivaer redovisas och de streckade linjerna
representerar den oforstirkta bron medan de heldragna linjerna representerar den forstirkta bron.
Resultaten visar aterigen att pakianningarna i underkantsarmeringen, i detta fall trycktdjningar, var
pa en ldgre niva efter forstirkningen. Dessutom upprepas tendenserna for en minskad
forstarkningseffekt pa hogre lastnivaer, vilket aterspeglas genom minskade skillnader mellan de
heldragna och streckade linjerna 1 Figur 30. Resultaten 1 Figur 30 och 31 visar dven att
tojningsnivaerna konsekvent var hogst over stod 3.

2000

........ Unstrengthened
—a—15MN
—e— 3.0 MN
—a—45MN
—— 6.0 MN

Height [mm]

Strain [us] 0 -300 -600 -900 -1200

Figur 30. Tojningsfordelning over stod 2 for den sodra balken innan forstdarkning (streckad linje) och efter
laminatforstirkning (heldragen linje).

35



2000

————» e mearr Unstrengthened
—a—15MN
—e— 3.0 MN
—a— 45 MN
—_——— —+— 6.0 VN
B
£
£
=
Q
T
— — —
: 0
Strain [us] 0 -300 -600 -900 -1200

Figur 31. Tojningsfordelning over stod 3 for den sodra balken innan forstdarkning (streckad linje) och efter
laminatforstdrkning (heldragen linje).

Figur 32 visar laminattdjningarna 1 forankringszonen (SGF19-24 1 Fig. 10). Samtliga givare
uppvisade paraboliska last-deformation kurvor med inledande dragtdjningar som efterhand
overgick till trycktojningar. Dessa mitpunkter var utplacerade nira snittet for nollmoment och
allteftersom lasten 6kade omfordelades spinningarna i balken genom att forskjuta snittet for
nollmoment inat mittspann vilket gav upphov till den paraboliska formen. Skjuvspanningarna
mellan laminat och betong kan beriknas enligt f6ljande formel:

o= d_F _ (e; — &1 Ef Ay
F7dA™ by Al

dir 7, utgor skjuvspinningen mellan betong och laminat, dF &r skillnaden i axiell kraft i laminatet
over en viss stricka, ¢, &r laminattdjningen i givare i, Ef iar E-modulen for laminatet, bf ar

laminatbredden och A4/ dr avstandet mellan givare i och i-1. De berdknade skjuvspédnningarna for
SGF19-23 1ag alla mellan 35 och 41 kPa och sammanstills i Tabell 7. Forankringsbrottet for
laminaten inleddes 1 forankringszonen nira pelarrad 2 och orsakades troligen av den ojimna
limningen som foranleddes av balkens initiala krokning (6verhdjning).

Tabell 7. Berdknade skjuvspdnningar mellan laminat och betong.

SGF Ae Al T
us mm kPa
16-17 42 500 25
17-18 27 300 26
18-19 11 100 32
19-20 7 50 41
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-200 -100 0 Strain
[us]

Figur 32. Laminattojningar i forankringszonen upp till forankringsbrott.

Tojningsnivan i skjuvarmeringen paverkades inte namnvart av forstdarkningen. Figur 33 visar last-
tojningskurvorna for tre givare (SG3-5) monterade pa olika nivaer av samma bygel, se placering i
Figur 9. SG3 och 5 noterade en liten trycktdjning pa ungefir 20 ps vid forsok 1-2 och SG1, 2 och
9 visade samma nivaer. Tojningsgivaren SG4 hamnade rakt Gver en spricka och uppmitte
maximala dragtojningar pa ungefar 2250 ps vid en total last pa 6,0 MN under forsok 1 och 2.
Noterbart var att trots att den maximala dragtojningen lag pa samma niva fore och efter
forstiarkningen stingdes sprickan betydligt snabbare vid avlastningen av den forstdrkta balken.
Aterigen paverkades starttojningen mycket av lasthistoriken och tiden mellan avlastning och
palastning eller snarare sega deformationer. Ovriga tojningsgivare pa skjuvarmeringen noterade
maximala tdjningar pa 100 - 200 ps.

Load
[MN]
6,0 o>
SG3 &5 S
4,0
Strengthened

2,0

- - = = Unstrengthened
60

-500 0 500 1000 1500 2000 Strain [ps]

Figur 33. Tojningsnivaer for tre givare pa samma bygel, SG4 ldg rakt ovanfor en spricka.

Varken mittnedbdjningen eller den 6vervakade sprickoppningen visade nagon tydlig paverkan av
laminatforstarkningen. Den maximala mittnedbdjningen for den sddra balken lag pa 27 mm for en
last pa totalt 6,0 MN och resultaten var i samma niva bade fore och efter forstiarkningen, se Fig.
34. Den maximala sprickppningen for den spricka som 6vervakades i mittspannet uppnadde 0,66
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mm vid en total last pa 6,0 MN, se Fig. 35. Bade nedbojningen och sprickoppningen bekriftar de
tidigare iakttagelserna att sprickdppningar och deformationer minskar snabbare vid avlastning
efter att balken forstirkts.

Load
[MN]

6,0

4,0

———————— Unstrengthened
2,0
Strengthened
0,0 -
0 10 20 Deflection [mm]

Figur 34. Mittnedbojning for den sodra balken innan forstirkning (streckad linje) och efter
laminatforstirkning (heldragen linje).

Load
MN] Unstrengthened
6,0 Strengthened

4,0

2,0

S oD

0,0 - = : -
0 0,2 0,4 0,6 0,8 Crack [mm]

Figur 35. Sprickoppning for en spricka i mittspannet pd den sédra balken innan forstirkning (streckad
linje) och efter laminatforstirkning (heldragen linje).

Nir laminaten lossnade fran betongbalken kapades linan till tradtojningsgivaren som mitte
nedbdjningen for den sddra balken. Som tidigare ndmnts visade de insamlade testresultaten inga
tecken pa ndr laminaten sldppte, forutom att métningarna for laminat och nedbojning slogs ut. Men
som visats i Fig. 28, 30 och 31 avtog forstirkningseffekterna allteftersom lastnivaerna 6kade och
det kan delvis ge en forklaring till varfor forstdarkningssystemets kollaps vid lasten 9,0 MN inte
gar att urskilja bland resultatdatan. Dragarmeringen vid mittspannet skulle for en slakarmerad bro
ha overstigit flytgrinsen under forsok 1 och 2, men eftersom Gruvviagsbron var forspand och nivan
pa den kvarvarande forspanningen inte var kiand dr det svart att avgora exakt vid vilken lastniva
och uppmiitt tojning som armeringen flot. Belastningsnivan kunde déremot 6kas betydligt under
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forsok 3, delvis tack vare spinnarmeringen. Det dvergripande beteendet for bron var segt med
tydliga varningssignaler i form av deformationer och sprickor. Det slutgiltiga brottet som
initierades av brott i bygelarmeringen var didremot sprott, se Figur 36. Uppsprickningen startade
med vertikala bdjsprickor 1 balkens underkant som efterhand sneddade in mot lasten och det
slutliga brottet var en tydlig skjuvspricka. I slutskedet uppstod dven ett betongkrossbrott rakt under
lastpunkten.

il IS

Figur 36. I slutskedet av belastningen av den sodra balken uppstod skjuvsprickor.

4.2 NSM-forstarkning

Eftersom forutsittningarna for den mellersta NSM-forstédrkta balken och sodra laminatforstérkta
balken skiljer sig at bade med avseende pa spannlingd, 6verflins i T-sektionen och vinkel mot
tvirbalken vid pelarstoden kan resultaten inte jamforas rakt av. I Figur 37 redovisas dragtdjningen
1 mittspannet for den mellersta balken under f6rsok 1 (oforstirkt) och 2 (forstirkt). Liksom for den
sodra balken (forstirkt med laminatsystem) uppmérksammades ett segt elastiskt beteende hos bron
med deformationer och tojningar som inte hade tillrdckligt med tid att aterga till ursprungsliget
mellan de olika lastcyklerna. Dessutom visade sig NSM-forstirkningen 1 likhet med
laminatforstarkningen ha en paskyndande effekt for aterhdmtning av lasteffekter, d.v.s. en tydligt
snabbare atergang av deformationer och tojningar vid avlastningen. Trots att de tva testerna
startade med olika stor initial nedbojning pa grund av de sega deformationerna fran foregaende
lastcykler, konvergerade kurvorna vid en last pa ca 1,5 MN. Den NSM-forstérkta balkens styvhet
var relativt likvirdig den oforstirkta balkens med ett linjirt beteende fram till ca 4,2 MN dir den
forstarkta balkens styvhet plotsligt kade. Mittnedbdjningen och dragtdjningen for en total last pa
6,0 MN var 28 mm och 2370 ps innan NSM-forstiarkning och 27 mm och 2290 ps efterat. En liten
styvhetsokning kunde dirmed pavisas efter forstarkningen, men det bor dock péapekas att
lastforsok 1 och 2 endast uppgick till mindre @n hilften av brottlasten (6,0 MN jimfort med 14,1
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MN vid brott) och det ir troligt att forstiarkningseffekterna hade okat vid en direkt jamforelse pa
hogre lastnivaer. Den stryvhetsokning som intriffade vid ungefér 4,2 MN kan vara ett tecken pa
att det krévs en relativt hog belastning for att uppna ett utnyttjande av passiva forstiarkningssystem
som inte dr forspinda. Passiva forstdrkningssystem sasom tdckskiktsmonterade kolfiberstavar
verkar dirmed ha en mattlig utnyttjandegrad och forstarkningseffekt pa laga lastnivaer, d.v.s.
konstruktionen har uppnatt en viss grad av deformationer och uppsprickning.

Load
[MN]

6,0

4,0

........ Unstrengthened
2,0

Strengthened

0,0 -
0 1000 2000 Strain [us]

Figur 37. Dragtojning for den mellersta balken innan forstidrkning (streckad linje) och efter NSM-
forstirkning (heldragen linje).

Figur 38 visar mittnedbdjningen for forsok 3 da bron belastades till brott. For att forenkla
visualiseringen och forbittra forstaelsen for detta forsok har den totala lasten hér delats in i tre
laster, en for varje balk. I slutet av forsok 3-1 nir den totala lasten var 12,0 MN, jamt férdelad med
4,0 MN pa varje balk, lag mittnedbojningen for den mittersta balken pa 86 mm. Forsok 3-2 innebar
Okad belastning pa den sddra laminatforstiarkta balken upp till brott. Efter brott i den s6dra balken
da totala lasten stilldes in pa 12,0 MN (4,0 MN per balk) hade mittnedb6jningen for den mittersta
balken Okat till 128 mm pa grund av brons reducerade totala styvhet. I forsok 3-3 bibeholls
konstant belastning 4,0 MN de 6vriga tva balkarna medan lasten i mittenbalken dkades upp till
brott. Maxlasten for mittenbalken uppnaddes vid en total last pa 14,1 MN da mittnedbdjningen var
159 mm.

Load Load test Load test Load test
[MN] 31

6,0

4,0
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0,0 :
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0 50 100 150 [mm]

Figur 38. Mittnedbojning for den mellersta balken innan under forsok 3. Lasterna redovisas hdr separat
for norra (N), mittersta (C) och sodra (S) balkarna.
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Mittenbalken hade ett segt beteende med omfattande uppsprickning och brottet initierades av
flytning i savél dragarmering som byglar. I likhet med den sddra balken var brottmoden en
kombination av béjning och skjuvning med betongkrossbrott i plattan, se Figur X13. En flytplata
kan tydas i Fig. 39 strax innan maxlasten uppnaddes, men forloppet var for snabbt for att uppfattas
pa plats.

Figur 39. Brott i den mittersta balken.

I Figur 40 illustreras tojningsprofilen for en tvirsektion vid mittspannet av mittenbalken. Figuren
visar uppmiitta tojningar pa fyra nivaer (h = 0, 40, 1248 och 1893 mm fran balkens underkant) och
for fyra lastnivaer: 1,5; 3,0; 4,5 och 6,0 MN i oforstérkt tillstand (streckad linje) och efter
forstirkning (heldragen linje). Balken visade en tydlig olinjir fordelning av tojningar sett dver
tvérsnittet och kurvorna var relativt likformiga fore och efter forstdarkning. Tojningen 1 NSM-
stavarna (h = 0 mm) lag pa ungefir samma niva som tojningen i dragarmeringen (h = 40 mm)
vilket tyder pa att forstarkningssystemet uppnatt en god vidhiftning och kompositverkan med
balken. I figuren kan det dven utlédsas att skillnaderna mellan oforstédrkt och forstéarkt balk okar for
hogre laster dér den forstiarkta balken uppvisar ldgre tojningsnivaer. Det kan ses som ett tecken att
utnyttjandegraden for NSM-forstarkningen Okar desto mer balken spricker och deformeras.
Diremot dr beteendet ett tecken pa dalig forstarkningseffekt da balken belastas i bruksgrinsstadiet
och att det finns en mycket god potential for forspinda NSM-system. Vid en total belastning pa
6,0 MN uppmiittes mittspannets tojning i dragarmeringen till 2372 ps innan forstirkning och 2300
us efter att laminaten integrerats med balken. I dessa métresultat ingar inte de pakidnningar som
orsakats av permanenta laster och spannarmering. En tojning pa 2372 ps motsvarar en spianning
pa 480 MPa vilket ligger i niva med armeringens uppmatta medelflytspinning (482 MPa) vilket
kan vara ett tecken pa att armeringen borjat flyta lokalt i vissa sprickor. Daremot kunde inte
resultaten fran varken deformationsmitningarna eller tojningsgivarna ge nagot tecken pa att
flytning uppnatts. En orsak till bristande tecken pa flytning kan vara att dragarmeringens
tvérsnittsarea var liten (603 mm?) i jimforelse med spinnarmeringens (3619 mm?) och att
spannarmeringen hade en betydligt hogre flytspdnning (1,61 GPa).
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Figur 40. Tojningsfordelning vid mittspannet for den mittersta balken innan forstirkning (streckad linje)
och efter NSM-forstdirkning (heldragen linje).

Figur 41 visar tojningsprofilen for tre lastnivaer under brottbelastningen: 9,0; 12,0 och 14,1 MN
(strax innan brott). Kurvornas form for de tva ldgre lastnivaerna foljer samma form som de i Fig.
40, med skillnaden att NSM-tdjningen &r betydligt hogre 4n tojningen i dragarmeringen. Vid dessa
lastnivaer var spricktillvixten av balken storre dn tidigare och dragarmeringen hade uppnatt
flytning. Det betyder dels att NSM-forstiarkningens utnyttjandegrad var hogre dn tidigare och dels
att tojningsnivan for dragarmeringen var extremt beroende pa var givaren var placerad i
forhallande till sprickorna. Om man bortser fran dragarmeringen (placerad pa h = 40 mm i Fig.
41) som inte uppvisar tillforlitliga tojningsvirden efter flytning, var tdjningsfordelningen nistan
linjér vid brottgrénstillstandet med en NSM-t6jning pa ungefir 1,2%, motsvarande 2520 MPa. Den
totala kraften i de tre NSM stavarna uppgick diarmed till ungefdr 0,8 MN. Fig. 41 antyder att
balkens neutrallager lag pa ungefir 1,7 m fran balkens underkant och NSM-systemet bidrog darfor
med ungefir 1,3 MNm i bojmotstand. Motsvarande siffror for dragarmering och spannstal kan
beriknas till 0,4 och 7,8 MNm, antaget att de flyter i brottgrénstillstandet.
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1000
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Figur 41. Tojningsfordelning vid mittspannet for den mittersta balken under brottprovningen (forsok 3).
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Tojningsgivare 13 mitte NSM-tdjningen rakt over en spricka och SG12 och 14 var placerade 50
mm ifran sprickan pa bagge sidor, se Fig. 10. Den skjuvspénning z(x) som uppstar i limmet mellan
betongen och en NSM-stav beror pa foljande faktorer: stavens hojd hj, tjocklek L E-modul Efoch

skillnaden 1 stavens normalspidnning daf eller tojning dgf Over en viss stricka dx. De Lorenzis och
Nanni (2002) och Teng et al. (2006) berdknade skjuvspdnningen med hjilp av foljande ekvation:

T(x) =

I Figur 42 sammanstills de berdknade skjuvspdnningarna i anslutning till sprickan som
Overvakades med SG12-14 under brottbelastningen. Tyvdrr slogs dessa givare ut da
laminatforstarkningen lossnade och resultaten géller bara upp till en total belastning pa 9,0 MN.
Skjuvspidnningen 6kade nistan linjart upp till maxspanningen 9,2 MPa vid en last pa ca 7,5 MN
(mittnedbdjningen var da 31 mm). Vid denna last intréffade ett momentant spanningsfall, troligtvis
till f61jd av forankringsglidning i NSM-systemet da den maximala skjuvspdnningen sjonk till 6,7
MPa. Efter glidningen aterhdmtade sig skjuvspdnningen till 7,4 MPa innan den borjade avta. Da
métningen slogs ut hade skjuvspdnningen mellan SG12 och 13 sjunkit till 4,1 MPa och det kan
antas att nedgangen fortsatte mot noll innan balken gick sonder. En nedgdng till noll i
skjuvspédnning indikerar ett lokalt forankringsbrott mellan tva tojningsgivare. Den angivna
skjuvhallfastheten for det tvakomponents-epoxi som anvindes pa Gruvvégsbron var 19,2 MPa och
trots att resultaten i Fig. 42 visar en maximal skjuvspanning pa 9,2 MPa mellan SG12 och 13 sa
skulle ett kortare avstand mellan givarna troligtvis ha resulterat i betydligt hogre virden pa
uppmitta skjuvspianningar. Daremot lag skjuvspdnningarna dver betongens draghallfasthet utan
att orsaka skador i betongen.

Bond stress
[MPa]

SGF12-13

8 SGF13-14

Deflection

0 20 40 mm]

Figur 42. Berdknade skjuvspdnningar mellan betong och NSM.

Da NSM-stavarna hade en leveransrestriktion pa maximalt 10 m gjordes tva skarvningar for att
tiacka hela balkens spannlidngd, se Figur 4. Vid skarvningen valdes en 6verlappning pa 1,0 m och
placeringen for skarvarna bestdmdes utifran momentkurvan for att fa ldgsta mojliga bojmoment i
NSM-stavarnas forankringszoner. Tojningarna i och kring skarven som lag 4,0-5,0 m véster om
mittspannet Overvakades med totalt 8 tojningsgivare, se Figur 10. I Figur 43 redovisas
mittnedbdjningen under brottbelastningen mot tojningen for de tva givarna som lag mitt i skarven
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4,5 m vist om mittspannet (SG4 och 5 i Fig. 10). Ovriga givare kring skarven uppvisade samma
form pa kurvorna med tojningsnivéer inom spannet + 100 ps. Kurvornas S-form ir ett tecken pa
att skarven lag nira balkens noll-moment som flyttade en aning fram och tillbaka nér spanningarna
omfordelades da lasten 6kade. SG4 och 5 uppmiitte till en borjan laga nivaer av dragtéjningar, men
vid en nedbdjning pa ungefir 5 mm skedde en kraftomfordelning i balken och NSM-stavarna
belastades direfter i tryckriktningen. Liknande omfordelningar skedde ytterligare tre ganger vid
mittnedbdjningen 50 mm (10,0 MN), 100 mm (13,0 MN) och 159 mm (14,1 MN)

Deflection
[mm]
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100
SGF4
50 S — SGF5
0
-80 -40 0 40  Strain [us]

Figur 43. Uppmdtta NSM-tdjningar for tva givare mitt i den vistra skarvningen 4,5 m vister om
mittspannet.

Figur 44 illustrerar tojningsfordelningen i1 den mellersta balkens dverkantsarmering, sett ver hela
spannlingden under forsok 2. Motsvarande fordelning under forsok 3 visas 1 Figur 45. Kurvorna
visar att pakdnningarna for mittenbalken var hogre dver pelarrad tva (vistra sidan) dn 6ver pelarrad
tre, se Fig. 1. Resultaten visade samma monster med hogre virden over den tredje pelarraden for
savil den oforstdrkta som den NSM-forstiarkta balken och tojningsskillnaderna mellan oforstairkt
och forstéarkt balk var forsumbara.
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Figur 44. Tojningsnivaer i mittenbalkens dverkantsarmering under forsok 2.
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Figur 45. Tojningsnivder i mittenbalkens overkantsarmering under forsok 3.

45



46



5 Slutsats och diskussion

Gruvvigsbron i Kiruna undersoktes i ett omfattande testprogram, bland annat forstiarktes tva av
huvudbalkarna med tva olika metoder, NSM stavar i kolfiber och forspianda kolfiberlaminat, innan
bron belastades till brott. Resultaten for de tva forstarkningsmetoderna kan inte jamforas rakt av
pa grund av bland annat skiljande spannlingder. Den sddra kantbalken forstirktes med en
nyutvecklad metod for gradvis forspdnda kolfiberlaminat och huvudsyftet var att utvérdera
metodens tillimpbarhet 1 félt. Dessutom kunde forstidrkningseffekterna undersokas for vildigt
hoga laster da bron i detta fall skulle rivas efterat. Den mellersta balken forstiarktes med
tiackskiktsmonterade kolfiberstavar (NSM) och huvudsyftet for denna metod var att undersoka om
eventuella forstarkningseffekter kunde uppnas pa en forspand betongbro. Huvudsyftet med detta
forskningsprojekt var att undersoka tillimpbarheten i full skala for den nyutvecklade metoden med
gradvis forspanda kolfiberlaminat.

5.1 Applicering av forspinda laminat

Vid monteringen av laminatsystemet noterades nagra problemomraden som bor atgirdas innan
metoden kan tillimpas pa fler broar. Det forsta problemet uppticktes vid monteringen av
forspanningsanordningen. Varje forspanningsanordning forankrades mekaniskt 1 betongbalken
med 6 stycken 210 mm langa, ¥22 mm ankarbultar vilket betyder att totalt 12 hal behovde borras
1 balken for varje laminat. Borrning i1 en betongbalk kridver hog noggrannhet for att undvika att
skada balkens armering. Lédget for armeringen kan utldsas 1 ritningarna, men ofta skiljer sig
ritningarna nagot fran det verkliga utforandet och en elektromagnetisk armeringsdetektor kan i
vissa fall hjédlpligt anvindas for att hitta armeringens riktiga position. For att detektera armering 1
flera lager kriavs GPR utrustning (ground penetrating radar). Eftersom balken pa Gruvvigsbron
forstirktes med tre laminat fanns ytterst lite utrymme att justera forspanningsanordningens lige
for att undvika att skada armering vid borrningen for ankarbultar. I princip dr det aktuella systemet
omdjligt att applicera pa undersidan av betongbalkar med hogt armeringsinnehall med bade
dragarmering och byglar att ta hinsyn till. De langa lingderna for ankarbultarna forsamrar dven
flexibiliteten da flera armeringslager kan korsas vid borrningen. En annan utformning for
forspanningsanordningen med fler och kortare ankarbultar, eller vinkeljarn forankrade i balkens
utsida skulle eventuellt minska risken att borra 1 armering.

Pa Gruvvigsbron anvindes upp till 18,9 m langa laminat. Laminaten forbereddes med lim pa en
sarskild limstation nedanfor bron och lyftes sedan pa plats for hand. Pa grund av laminatens ldngd
krévdes tre saxlyftar och upp till 8 personer for att fa laminaten pa plats, applicera ett litt tryck
mot betongen och forspidnna dem. Ett icke forspédnt laminatsystem hade krivt 2-3 personer vid
appliceringen. Det hoga behovet av personal i kombination med tidsatgangen for detta moment
g0r metoden onddigt dyr att applicera och en mer automatiserad uppldggningsprocess har darfor
potential att gora arbetsmomentet avsevért billigare. Under sjdlva forankringsanordningen gjordes
limningen dessutom for hand da denna del inte kunde passera Oppningen i den limbdank som
anvindes. Detta forfarande kan eventuellt skapa ojamn tjocklek pa limfogen vilket i sin tur kan
leda till ofordelaktig fordelning av skjuvspidnningar.

Balkarnas undersida pa Gruvvégsbron var inte raka. Pa grund av den ursprungliga forspéanningen
hade de fatt en 6verhdjning (uppatbojd form) med hogsta punkten vid mittspannet. Ospédnda
forstarkningssystem gar bra att applicera pa uppatbdjda ytor, men nidr ett laminat forspanns
kommer det striva efter att ta den kortaste vigen mellan forspanningsanordningarna och eventuellt
forlora kontakten med betongunderlaget beroende pa krokningens storlek. Ingen utjimning av
balkkrokningen gjordes pa Gruvvigsbron innan forstarkningen vilket resulterade i en glipa pa upp
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till 31 mm mellan laminat och betong. Strickan dér laminaten inte hade kontakt med betongen
efter forspanning uppmittes till ungefir 9 m for det korta laminatet och 14 m for de tva ldngre
laminaten. P4 grund av glipans storlek gjordes inga forsok att fylla igen Gppningen vilket
reducerade laminatens forankring och eventuellt dven forstarkningseffekten. Forstdrknings-
effekten paverkas framforallt genom att laminattojningen blir lagre dn balkens underkantstojning
fram till dess att betongens underkant far kontakt med laminatet. Efter att kontakten aterupptagits
foljs balkens och laminatens deformationer at, men i det aktuella fallet krivdes dirfor en
mittnedbdjning pa minst 31 mm for att fa ut full effekt av laminaten. Tidigare forsok har visat att
ytan pa forkrokta betongbalkar kan jamnas ut med cementfyllningar eller sprutbetong innan de
forstirks med forspdnda laminatsystem, se Czaderski och Motavalli (2007) och Michels et al.
(2014). Dock idr den hér typen av atgérder relativt komplicerade i full skala pa storre objekt och
séledes kostsamma.

5.2 Forstiarkningseffekter av forspinda laminat

Laminatsystemets forstirkningseffekt kan utredas genom att jamfora lastresponsen fore och efter
forstarkning. Resultaten visade trots laminatens kontaktproblem en positiv effekt av
laminatsystemet, framst i form av reducerade tojningar i balkens stdlarmering for motsvarande
lastnivaer efter forstirkning, se Fig. 28, 30 och 31. En annan effekt som var tydlig bade for
laminatsystemet och NSM-forstarkningen var att balkens deformationer och tojningar aterhimtade
sig snabbare vid avlastning efter utford forstdrkning. Det kan eventuellt vara av betydelse for
betongkonstruktioner som utsidtts for aterkommande hoga laster med efterfoljande
utmattningsproblematik, t.ex. jirnvégsbroar.

Figur 28, 30 och 31 visar tyvdrr en avtagande forstarkningseffekt for stigande lastnivéer da
skillnaderna mellan oforstédrkt och forstirkt balk minskar. Den sjunkande forstarkningseffekten
kan eventuellt bero pa att glipan mellan betong och laminat véxte i lingd nér lasten 6kade pa grund
av hoga skjuvspinningar i glipans utkant. Det i sin tur ledde till ett eskalerande forankringsbrott
som startade i den oforankrade delen i mittspannet och arbetade sig utat allteftersom lasten dkade.
Det ledde till slut att laminaten helt forlorade sin forankringskapacitet och samtliga tre laminat
lossnade fran betongbalken vid en total last pa 9,0 MN. Laminattjningen, inkluderat bade
forspanning och belastning, uppnadde maximalt 0,63 % strax innan de lossnade. Det motsvarar en
utnyttjandegrad pa endast 37 % av laminatens brottojning (1,71 %). Genom att forspianna
laminaten kunde deras utnyttjandegrad forbittras, vilket framforallt dr av stor betydelse for ldgre
laster i bruksgrinstillstandet.

En av huvudanledningarna till att anvinda gradvis forspidnning &r att reducera skjuvspinningarna
i laminatets forankringszon och darmed undvika de forankringsbrott som vanligtvis startar fran
laminatets ytterkant. I det aktuella fallet startade forankringsbrottet inifran spannet och den
gradvisa forspanningens effekter dr ddrmed svara att avgora. De skjuvspanningar som uppmiittes
i forankringszonen pa den sida som lossnade sist uppvisade alla laga skjuvspéanningsnivaer pa max
41 kPa. Pga av utformningen av forankringsanordningen var det inte mdojligt att montera givare
for att méta tojningen och skjuvspédnningarna i direktanslutning till forankringsanordningen.

5.3 Forstiarkningseffekter av NSM

Resultaten visar att NSM-forstarkning har en positiv effekt pa forspanda betongbroar, framst i
form av reducerade deformations- och tojningsnivaer efter forstarkning. En annan tydlig
forstarkningseffekt var snabbare aterhdmtning av lastpakédnningar efter avlastning. Den NSM-
forstarkta balkens mittnedbdjning var 159 mm vid brottgranstillstandet och den hogsta uppmiitta
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NSM-t6jningen var da 1,2 %, motsvarande en spéanningsniva pa 2,5 GPa. Ungefir 76 % av
kolfiberstavarnas kapacitet, 3,3 GPa, utnyttjades ddrmed i brottgrinstillstandet. Utifran dessa
siffror och ett antaget avstand pa 1,7 m till neutrallagret bidrog NSM-forstarkningen med ungefar
1,3 MNm till balkens totala momentkapacitet (ca 10 MNm for den oforstirkta balken).

Testet visade dven att skarvningstekniken med Overlappande kolfiberstavar fungerar vil da
liknande t6jningsnivaer uppmiittes i de bada dverlappande stavarna i samma tvérsnitt. I det aktuella
fallet anvéndes en 6verlappningslingd pa 1,0 m. Eventuellt kan det finnas mojlighet att korta ner
Overlappningslingden nagot for att reducera materialatgangen, men det &r inget som
rekommenderas.

De skjuvspédnningar mellan NSM och betong som kontrollerades i anslutning till en spricka vid
mittspannet uppnadde ett maxvirde pa 9,2 MPa innan spdnningarna borjade avta till f61jd av ett
lokalt forankringsbrott. Skjuvspanningen berdknades utifran tojningsskillnaden mellan tva givare
pa 50 millimeters avstand. Trots att den maximalt uppmitta skjuvspianningen lag under
epoxilimmets skjuvkapacitet, 19,0 MPa, &dr det mycket troligt att de hogsta skjuvspédnningarna lag
i ndrheten av detta virde om de hade miitts 6ver en kortare stricka. Trots att temperaturen vid bron
lag pa i snitt +7 °C (som ldgst +1 °C) under hdrdningsperioden pa 8 dagar visade det sig att
skjuvspédnningarna var betydligt hogre dn betongens draghallfasthet, 2,3 MPa.

Forstarkningen hade ingen effekt pa brottmoden da den sodra balken efter avlaminering hade
samma beteende och brottmonster som den NSM-forstirkta mittbalken. Trots ett Overlag segt
beteende med omfattande uppsprickning och deformationer for bada balkarna var det allra sista
brottskedet explosivt.

5.4 Publikationer i samband med projektet

Utdver denna rapport har resultaten fran detta projekt publicerats i foljande vetenskapliga
tidsskrifter och avhandlingar:

Bagge, N. (2014). Assessment of Concrete Bridges: Models and Tests for Refined Capacity
Estimates. Licentiate Thesis. Lulea: Lulea University of Technology, 132 pp.

Bagge, N., Nilimaa, J., Blanksvird, T. & Elfgren, L. (2014). Instrumentation and Full-Scale Test
of a Post-Tensioned Concrete Bridge. Nordic Concrete Research, 51, pp. 63-83.

Nilimaa, J., Bagge, N., Blanksvird, T. & Tiljsten B. (2015). NSM CFRP strengthening and
failure loading of a post-tensioned concrete bridge. Journal of Composites for Construction
(Accepted for publication).

Nilimaa, J., Blanksvird, T., Bagge, N. & Téljsten B., 2015. Validation of an innovative
prestressed CFRP laminate system for strengthening post-tensioned concrete bridges.
(Submitted).

Bagge, N., Sas, G., Nilimaa, J., Blanksvird, T., Elfgren, L., Tu, Y. & Carolin, A. (2015).

Loading to failure of a 55 year old prestressed concrete bridge. Helsinki, IABSE Workshop
Helsinki — Safety, Robustness and Condition Assessment of Structures.
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deteriorated concrete structure.

Bagge, N., Nilimaa, J., Enochsson, O., Sabourova, N., Grip, N., Emborg, M., Elfgren, L.,
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Global Challenges.
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(2015). Performance of a prestressed concrete bridge loaded to failure. Geneva, IABSE
Conference — Structural Engineering: Providing Solutions to Global Challenges.

Sas, G., Bagge, N., Hiaggstrom, J., Nilimaa, J., Puurula, A., Blanksvird, T., Téljsten, B., Elfgren,
L., Carolin, A., & Paulsson, B. (2015). Tested versus code capacity of existing bridges - Three
examples. Geneva, IABSE Conference — Structural Engineering: Providing Solutions to Global
Challenges.

Nilimaa, J. (2015). Concrete Bridges: Improved Load Capacity. Doctoral Thesis. Lulea: Lulea
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6 Framtida forskning

Det finns ett stort behov av forstarkning av gamla broar. I denna rapport har nagra punkter med
forbattringspotential identifierats for den nya laminatforstarkningsmetoden som testades pa
Gruvvigsbron 1 Kiruna. Gruvvigsbron blev utsatt for ett omfattande testprogram och en stor del
av resultaten &r dnnu inte analyserade. Bland annat aterstar analys av broplattans kapacitet fran ett
brottférsok som gjordes efter balkforsoken. Daértill gjordes mitningar av  brons
temperaturfordelning med avseende pa en kommande analys av temperaturens inverkan pa brons
spanningsnivaer. Resultat finns dven for att géra en undersokning av brons rotationskapacitet och
spanningsomlagringar.

Mer generellt finns det ett behov av att utveckla mer automatiserade dvervakningssystem som
sjdlva kan avgora och rapportera om det finns ett behov av underhall eller forstérkning.

Det nyutvecklade forstirkningssystemet med gradvis forspdnda laminat visar att det var fullt
mojligt att applicera systemet i full skala. Men systemet och da forankringsanordningen i synnerhet
behover vidareutvecklas for att minimera risken for kapa befintlig armering. Vidare skulle
systemet behova utvecklas att vara mindre komplicerat fOor utforarna, med férre
monteringspunkter. Systemet krdver #dven relativt stora krav pa inmétningen av
monteringspunkterna. En utformning av forankringsinfastningen som mdjliggdr rotation 1
forstarkningsplanet skulle medfora ldgre krav pa utsittning och inmétning. Det finns saledes stor
utvecklingspotential for forankringssystemet att bli mindre komplicerat vid applicering vilket dven
skulle medfora att systemet blir mer kostnadseffektivt.

Dessutom behdver langtidsundersokningar for kompositforstarkningar goras for att se hur de

paverkas over tid. Vid forspianda system &r vidhallen forspénningskraft av yttersta vikt och innan
forspanningssystemet kommersialiseras behover langtidsegenskaperna verifieras.
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ABSTRACT

To meet new demands, existing bridges might be in need for repair,
upgrading or replacement. To assist such efforts a 55-year-old post-
tensioned concrete bridge has been comprehensively tested to
calibrate methods for assessing bridges more robustly. The
programme included strengthening, with two systems based on
carbon fibre reinforced polymers (CFRPs), failure loading of the
bridge’s girders and slab, and determination of post-tension cables’
condition and the material behaviour. The complete test programme
and related instrumentation are summarised, and some general results
are presented. The measurements address several current
uncertainties, thereby providing foundations for both assessing
existing bridges’ condition more accurately and future research.
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1 INTRODUCTION

In order to meet current and future demands for sustainability and structural resistance, existing
bridges might be in need for repair, upgrading or replacement. For instance, responses to a
questionnaire by infrastructure managers in 12 European countries, acquired and analysed in the
MAINLINE project, indicated a need for strengthening 1500 bridges, replacing 4500 bridges and
replacing 3000 bridge decks in Europe during the coming decade [1]. The Swedish Government
Proposal 2012/13:25 recommended an investment of SEK 522 billion (EUR 60.4 billion) from
2014 to 2025, to meet transport infrastructure requirements in Sweden [2]. With adjustment for
inflation this represents a 20 % increase relative to the previous investment level, as detailed in
Prop. 2008/09:35 [3], indicating a need for substantial actions to maintain robust and sustainable
infrastructure. Due to budgetary constraints and the major social, economic and environmental
benefits of avoiding demolition and reconstructing existing bridges [4], they should be repaired
and strengthened rather than replaced in cases where this is cost-effectively feasible [5]. Thus,
advanced methods should be used for accurately assessing bridges’ condition [6], and
identifying the optimal operations to maintain, strengthen or replace them, from a perspective
based on life-cycle cost minimisation [7].

To obtain reliable assessments of existing bridges, which are crucial for rigorous life-cycle cost
analysis, it is essential to address current uncertainties regarding key variables, such as structural
and loading parameters and possible deterioration mechanisms [8]. In the past decade
monitoring concepts have been developed to update models for bridge assessment, reducing the
uncertainties, based on empirical data [9]. Moreover, proof loading has been suggested [10], and
subsequently implemented for reinforced concrete structures in ACI Standard 437.2-13 [11], as
an approach to verify the reliability of relevant models and reduce uncertainties regarding the
true condition of existing bridges. Thus, testing and monitoring of bridges at service-load levels
is an accepted and well-known approach for assessment.

Detailed, large-scale laboratory tests of bridges and their materials have been reported, e.g. [12]
and [13]. Destructive investigations of prestressed concrete [14], post-tensioned concrete [15-
16] and non-prestressed reinforced concrete bridges [17-22] have also been described. However,
such studies have generally focused on specific components or elements, for instance, the bridge
slab [15]. Few complete full-scale bridges have been tested to failure in order to improve
understanding of their true structural behaviour, and rigorously calibrate methods and models.
Hence, more comprehensive empirical information on the behaviour of concrete bridges,
especially of prestressed and post-tensioned concrete, as they approach failure, and cost-
effective methods to avoid risks of failure, is required.

Thus, in the study presented here a 55-year-old post-tensioned concrete bridge was thoroughly
instrumented (with up to 141 sensors) and tested to failure. The aims were to calibrate and refine
methods and models for assessing existing reinforced concrete bridges, and to assess the utility
of methods using carbon fibre reinforced polymers (CFRPSs) for upgrading reinforced concrete
structures [23]. Since there have been few full-scale tests on post-tensioned bridges, a particular
focus was on assessment of the post-tensioned system. The complete test and measuring
programme is described here, and selected general results to provide insights about the tests.
More detailed results will be presented later.



2 THE KIRUNA BRIDGE

2.1 General description

The Kiruna Bridge, located in Kiruna, Sweden, was a viaduct across the European route E10
and the railway yard close to the town’s central station (Figure 1). It was constructed in 1959 as
part of the road connecting the city centre and the mining area owned by LKAB. The sub-level
caving method for extracting the ore causes subsidence. Thus to ensure the continuing utility of
the Kiruna Bridge, in 2006 LKAB initiated geodetic position measurements of the bridge
supports. In 2008 Luled University of Technology (LTU) started to monitor the bridge
continuously [24]. Due to ongoing subsidence, LKAB decided to permanently close the bridge
in October 2013 for demolition in September 2014, providing an opportunity for LTU to test it
to failure in May-August 2014.

Figure 1 — Photograph of the Kiruna Bridge from the north-east, showing the slag heap from
the LKAB iron ore mine in the background (2014-06-25).

2.2 Geometry

The bridge was a 121.5 m continuous post-tensioned concrete girder bridge with five spans:
18.00, 20.50, 29.35, 27.15 and 26.50 m long (Figure 2). According to construction drawings
both the longitudinal girders and bridge slab in the western part (84.2 m) were supposed to be
curved with a radius of 500 m. However, inspection of the actual geometry showed that the
slab’s girders consisted of straight segments with discontinuities at the supports. Moreover,
there were 5.0 % and 2.5 % inclinations in the longitudinal and transverse directions,
respectively.

Longitudinal movements of the bridge were allowed at the eastern abutment by three rolling
bearings (support 6 in Figure 2), but not the western abutment (support 1). Devices were
installed at the bases of the intermediate supports 2-5, each consisting of three columns, in 2010
to enable vertical adjustment of the supports to counter uneven settlement of the basements.

The superstructure consisted of three parallel, 1923 mm in height, longitudinal girders
connected with a slab on top (Figure 3). Including the edge beams the cross-section was 15.60 m
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Figure 2 — Geometry of the Kiruna Bridge and location of the load application in the test
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Figure 3 — Cross-section of the Kiruna Bridge.

wide, and the free distance between the girders was 5.00 m. In the spans the girders were 410
mm wide, gradually increasing to 650 mm 4.00 m from the intermediate supports and widened
to 550 mm at anchorage locations of the post-tensioned cables, two fifths of the span lengths
west of support 3 and three tenths of the span length east of support 4. The bridge slab was 300
mm thick at the girder-slab intersection and 220 mm 1.00 m beside to the girders.

The Kiruna Bridge was post-tensioned in two stages with the BBRV system. In the first stage,
six cables per girder were post-tensioned in each end of the central segment. In the second stage,
four and six cables per girder were post-tensioned from the free end of the western and eastern
segments, respectively. Each cable was composed of 32 wires with a 6 mm diameter.



The girders were each reinforced with three 16 mm diameter bars at the bottom, and 10 mm
diameter bars at the sides with either 150 mm spacing for the central girder or 200 mm for the
others. The vertical reinforcement also consisted of 10 mm diameter steel bars with 150 mm
spacing. The concrete cover was 30 mm thick, except for the 16 mm diameter reinforcement
bars, for which the horizontal concrete cover was 32 mm thick.

Before the tests the pavement on the slab was removed from the road crossing the bridge. The
bridge was originally designed according to Provisional Regulations of the Royal Civil
Engineering Board issued in 1955 [25].

2.3 Material

According to construction drawings the concrete quality in the substructure and the
superstructure was K 300 and K 400, respectively, while the reinforcing steel quality was
generally Ks 40, except in the bridge slab (Ks 60). The steel quality for the post-tensioned
reinforcing BBRV reinforcing system was denoted St 145/170. The bridge was constructed in
accordance with the National Steel Regulation [26] and National Concrete Regulation [27],
issued in 1938 and 1949, respectively.

3 TEST PROCEDURE

3.1 General description

An experimental programme was designed to assess the behaviour and load-carrying capacity of
the bridge using both non-destructive and destructive test procedures. For safety reasons, related
to continuing use of the European route E10 during the tests, the experimental programme was
developed for loading in span 2-3, with associated monitoring in spans 1-4 (Figure 2). The
experimental programme can be summarised by the following, chronological steps:

1. Non-destructive determination of residual post-tensioned forces in cables in span 2-3
(May 27-28, 2014).

2. Preloading Test Schedule 1, of unstrengthened bridge girders, including destructive

determination of residual post-tensioned forces in cables in span 2-3 (June 15-16, 2014).

Preloading Test Schedule 2, of strengthened bridge girders (June 25, 2014).

Failure test of the bridge girders (June 26, 2014).

Failure test of the bridge slab (June 27, 2014).

Complementary non-destructive determination of residual post-tensioned forces in

cables in midspans 1-4 (June 27 and August 25, 2014).

Material tests of concrete, reinforcing steel and post-tensioned steel.

8. Condition assessment of post-tensioned cables.

ook w

~

Steps 1-6 were carried out at the Kiruna Bridge, with the test dates in parenthesis. However,
steps 7-8 are planned to take place in the Complab laboratory at LTU after demolition of the
bridge.



3.2 Strengthening

The experimental programme included tests of two separate systems for strengthening concrete
structures using carbon fibre reinforcing polymers, which were attached to the lower sides of the
central and southern girders in span 2-3 (see Figure 4 and Figure 10). However, the northern
girder remained unstrengthened.

A system of three near-surface mounted (NSM) 10x10 mm? CFRP rods was installed in the
concrete cover of the central girder [6, 28]. The bar lengths were limited to 10.00 m, due to
transportation constraints, thus several overlaps (1.00 m) were required to apply the
strengthening over the entire span length. A set of full-length CFRP rods was installed
centrically in span 2-3, with sets of 5.80 and 5.74 m CFRP rods on the western and eastern
sides, respectively

To strengthen the southern girder, a system of three 1.4x80 mm? prestressed CFRP laminates
was applied to the blasted concrete surface [29-30]. The lengths of the middle and outer
laminates were 14.17 and 18.91 m, respectively, in order to provide space for the anchorage
device at each end. Each laminate was tensioned to 100 kN at the eastern end, controlled with a
load cell, as the force was applied using a manually operated hydraulic jack. The force was
gradually transferred to the concrete by the anchorage device. In this manner no force is
expected to be transferred at the end, while it is fully transferred after 1.20 m. The anchorage
devices were attached to the bridge until disassembly after Preloading Test Schedule 2. This
experimental programme was the first reported full-scale installation and test of the
strengthening method using prestressed laminates with these innovative anchor devices.

For the CFRP rods and laminates, denoted StoFRP Bar IM 10 C and, StoFRP Plate IM 80 C
respectively, the mean modulus of elasticity and tensile strength were 210 GPa (200 GPa) and
3300 MPa (2900 MPa), respectively, with mean values specified in parenthesis. Epoxi StoPox
SK41, a commercially available and CE-approved thixotropic epoxy adhesive, was used to bond
both strengthening systems.

4 hydraulic jacks with cables
anchored in bedrock s N

\ 3 2 —_ 1

A

3 prestressed
CFRP laminates
(1.4x80 mm?)

3 NSM CFRP
rods (10x10 mm?)

.

Figure 4 — Arrangement for loading the bridge girders in midspan 2-3.



3.3 Preloading

In sgan 2-3 two welded steel beams (outer dimensions 700x1180x5660 and 700x1180x6940
mm®) were arranged horizontally to apply loads in the midspans of each girder, see Figure 2 and
Figure 4. They consisted of a double web (thickness 15 mm) with flanges (thickness 30 mm)
and were of the steel grade S355J0. The beams were supported by steel load distribution plates
(steel grade S275JR), with areas of 700x700 mm? and total thicknesses ranging from 20 to 265
mm, due to the inclination of the bridge slab. A horizontal concrete surface was also cast locally
under the plates. The bridge was loaded using four hydraulic jacks with cables, threaded through
drilled holes in the bridge slab, anchored over a length of 14.60 m in the bedrock, as illustrated
in Figure 4. The distances from the centre of the jacks and cables to the centre of the support of
the transverse steel beam were 885 mm. The capacity of the jacks was approximately 7.0 MN,
with a 150 mm stroke length. The piston cross-section area was 1282 cm? for jacks 1, 3 and 4,
and 1284 cm? for jack 2. Each cable consisted of 31 wires with 15.7 mm diameter.

The bridge was preloaded by applying two schedules of incrementally increasing loads using the
four jacks to both strengthened and unstrengthened girders in midspan 2-3, as listed in Table 1
and illustrated in Figure 4. The schedules were designed to reach the cracking load of the
girders, as predicted by preliminary nonlinear finite element analysis. Before the force-
controlled loading to a specified level, given by the actual load case, the bridge was unloaded.
To ensure no drift in the measurements and stable loading, peak pressure was maintained for
load cases 7, 9, 13 and 29. Load cases 15-18 in Schedule 1 were designed to determine the
remaining forces in the post-tensioned cables (see Section 3.6).

3.4 Bridge girder failure test

Preloading was followed by a test to failure of the strengthened girders, according to the setup
described in the previous section. Each girder was equally loaded to 12.0 MN in total (the
approximate load-carrying capacity predicted by preliminary nonlinear finite element analysis):
4.0 MN delivered by the outer jacks and 2.0 MN by the inner jacks. The pressure in jack 4 was
subsequently increased to failure of the southern girder and then the pressure in jacks 2 and 3
was increased to failure of the central girder, while the settings of the other jacks remained
unchanged so they provided approximately constant loads. The jacks’ grip positions were
changed as necessary to accommodate deflections exceeding the stroke length.

35 Bridge slab failure test

The bridge slab in midspan 2-3 was tested to failure using an arrangement similar to load model
2 (LM 2) described in Eurocode 1 [31], with its centre located 880 mm from the outer side of
the northern girder (Figure 5). By rotating steel beam 1 (Figure 4 and Figure 5), hydraulic jack 1
was reused to apply load on the slab, through two 350x600x100 mm? steel plates spaced 2.00 m
apart. A horizontal concrete surface was also cast locally under the plates. Due to the widening
of the bridge girders at the anchorages of the post-tensioned cables, the distances from the
centres of the western and eastern load distribution plates to the inner sides of the girders were
470 and 330 mm, respectively. As in the previous tests, the loading was force-controlled.



3.6 Assessment of post-tensioned cables

The residual force in the post-tensioned cables was non-destructively determined by monitoring
strains at the lower surface of each girder resulting from gradually cutting the concrete with a
saw on both sides of a strain sensor [32] placed one-tenth of the span length west of midspan 2-
3, before the bridge and slab failure tests. After the failure tests, the procedure was also applied
to each girder in midspan 1-2, the northern girder in midspan 2-3 and the central and southern
girders in midspan 3-4. In order to keep the reinforcing steel intact, the arrangements of sensors

Table 1 — Load cases for preloading the unstrengthened and strengthened bridge girders in
midspan 2-3.

L oad case Jack 1 Jack 2 Jack 3 Jack 4
kN kN kN kN
142 500 250 250 500
22 500 500 - -
32 - - 500 500
4+? 1000 1000 - -
52 - - 1000 1000
62 1500 1500 - -
72 1500 1500 - -
g2 - - 1500 1500
92 - - 1500 1500
102 500 250 250 500
1142 1000 500 500 1000
1242 1500 750 750 1500
1342 1500 750 750 1500
1442 2000 1000 1000 2000
152 2000 1000 1000 2000
162 2000 1000 1000 2000
17t 2000 1000 1000 2000
18! 2000 1000 1000 2000
19* 500 500 - -
20" - - 500 500
21t 1000 1000 - -
22! - - 1000 1000
23! 1500 1500 - -
24! - - 1500 1500
25! 500 250 250 500
262 1000 500 500 1000
2742 1500 750 750 1500
28° 2000 1000 1000 2000
29° 2000 1000 1000 2000

! Load case for preloading the unstrengthened girder
? Load case for preloading the strengthened girder
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Figure 5 — Arrangement for loading the bridge slab in span 2-3.

and saw cutting lines were designed to avoid cutting either the stirrups or longitudinal
reinforcing steel. The cutting proceeded to an approximate depth of 35 mm, or the actual depth
of the longitudinal reinforcing steel. All the non-destructive tests were carried out without
applying external loads.

As part of Preloading Test Schedule 1, the cracking moment test [33] was applied to calibrate
the non-destructive test method. During load cases 1-14 cracks formed, and instruments
described in the next section were used to monitor the behaviour of selected cracks and adjacent
areas between load cases 14 and 15. Thus, the remaining force in the post-tensioned cables can
be determined from data acquired from load cases 15-18, based on the sequence of reopening of
the cracks.

Further laboratory assessments of the condition of both the cables and their grouting are
planned.

3.7 Material tests

To determine characteristics of the bridge’s materials, tests of the concrete, reinforcing steel and
post-tensioned steel are also planned. Thus, before the tests described here at least six concrete
cylinders were drilled out from the superstructure in both midspans 1-2 and 3-4, and each of the
columns at support 4. In addition, during demolition of the bridge several 10, 16 and 25 mm
diameter steel bars, and a specimen of the post-tensioned cables, were obtained for uniaxial
tensile tests.
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4 INSTRUMENTATION

4.1 General description

To evaluate the bridge’s behaviour a comprehensive measuring programme was designed. This
section summarises the instrumentation used to measure changes in monitored variables during
the bridge girder and slab tests and the non-destructive tests with no external load. In addition,
measurements during strengthening were carried out according to the description in previous
section.

Before initiating any experimental investigation existing cracks in the entire span 2-3 and the
half-spans 1-2 and 3-4 adjacent to the loaded span were mapped. The focus was on cracks in the
girders, the crossing beams and the slab at the loading point. In order to follow the formation of
cracks, the mapping was repeated after each test sequence. The cracks were mapped manually
and their widths were not measured, apart from several cracks specified in the measuring
programme.

In addition to the monitoring during bridge loading, long-term measurements were carried out
during the nights before Preloading Test Schedules 1-2 and the failure test of the girders. The
durations of the monitoring on these occasions were 22398, 21613 and 45558 s, respectively,
and the same instrumentation was used as in the followed bridge loading, excluding manual
measurements. Moreover, the bridge was examined when the anchorage device for the
prestressed CFRP laminates was disassembled.

Most measurements of the bridge were generally acquired at a sampling frequency 5 Hz, except
for the long-term measurements (1 Hz).

4.2 Girder test

A battery of instruments was installed before the tests of the longitudinal bridge girders to obtain
as comprehensive measurements as possible, within budgetary constraints, of the resulting
forces, displacements, curvatures, strains and temperatures. These measurements were
complemented by monitoring using several video and still cameras. Data were acquired from all
the instrumentation described in this section during the full programme of tests of the bridge
girders unless otherwise stated.

Force

The applied load on the structure was measured by monitoring the oil pressure in each hydraulic
jack (1-4), illustrated in Figure 4, using UNIK 5000 sensors (GE Measuring and Control;
A5075-TB-A1-CA-H1-PA), which have a measuring range between 0 and 600 bar.

Displacement

Displacements of the bridge were measured using the following instruments. Draw-wire
displacement sensors (MICRO-EPSILON; WDS-500(1000)-P60-CR-P) were installed to
measure deflections at positions 1-10 and 13-15 (Figure 6): in midspan 2-3 on the lower sides of
the girders, and lower sides of the crossing beams 500 mm from the outer columns (positions 4-
5 and 9-10). All these sensors had a measuring length of 500 mm except those used at positions
6-8 (1000 mm). Twisted lines connected each sensor to a reference point on the ground or the
basement.
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Figure 6 — Positions of bridge displacement sensors.

At positions 11 and 12 both the longitudinal and transverse displacement were monitored using
Noptel PSM-200 sensor. The reference point for the horizontal displacement of the bridge slab
at the centre line of support 3 was 150 mm perpendicularly away from the southern side of the
basement. A transmitter was installed on the basement and a receiver on the lower side of the
bridge slab, oriented vertically to the transmitter. The Noptel PSM-200 sensors were only active
during the failure test of the bridge girders.In addition, the displacement of the basements’ upper
side at support 2-3 was manually measured during the girder failure test, 500 mm against the
centre of the bridge in transverse direction, in relation to positions 4-5 and 9-10, and the
reference point was an unaffected point beside the bridge. For safety reasons, the incremental
monitoring proceeded until a certain load was reached, 9.0 MN in total.

At positions 16-17 (Figure 6) longitudinal displacements of the upper part of the rolling
bearings, i.e. the lower side of the girders, was measured using linear displacement sensors
(Micro-Measurements; HS 100) with a 102 mm measurement range, and positions in the
abutment as reference points.

In Preloading Test Schedule 1, load cases 15-27, the width of one crack in the centre of the
lower side of each girder (110, 910 and 1380 mm east of midspan for the northern, central and
southern girders, respectively) was measured, using crack opening displacement sensors
(EPSILON; 3541-010-150-ST) with the measuring range of 10 mm. Data were also acquired
from the sensor on the girder strengthened with laminates during Preloading Test Schedule 2
and the bridge girder failure test.

Curvature

The curvature at support 2, support 3 and midspan 2-3 was measured over distances of 4.82,
5.08 and 5.00 m, respectively, using rigs composed of steel beams, supported at the ends, and
five linear displacement sensors with 800 mm spacing based. At the supports the rigs were
located on the bridge slab, while the midspan rig was located under the girder. Due to the
discontinuities at the supports, i.e. changes in directions of the girder, and straightness of the
curvature rigs, the instrumentation was installed along the line of the central girder in span 2-3.
The sensors were HS 100, HS 50 and HS 25 instruments (Micro-Measurements) with
measurement ranges of 102, 51.5 and 26 mm, respectively, set at the positions increasingly
distant from the centre of the rigs.
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Strain

Strain gauges supplied by Kyowa were installed on the longitudinal and vertical reinforcing
steel bars, CFRP rods and laminates, and the concrete surfaces of both the columns at supports
2-3 and next to some major cracks during Preloading Test Schedule 1, load cases 15-27. All of
these gauges had 120 ohm resistance, and those installed on the longitudinal reinforcing steel,
stirrups or CFRPs and concrete had measuring lengths of 10, 5 and 60 mm, respectively (KFG-
10-120-C1-11LIM3R, KFG-5-120-C1-11L1M3R, KC-60-120-A1-11L1M3R). In total, 35
strain gauges were systematically arranged on the longitudinal reinforcing steel bars: at sections
A-K in Figure 7 and cross-section positions 1-12 in Figure 8, 1879 mm from the centre lines of
the supports on each side (B and J), and 1433 and 2226 mm from each side of midspan 2-3. The
locations of the sections were at angles of 45° to the centre line of the supports and 60° and 45°,
respectively, to the load distribution plates. On the reinforcement bars they were installed in the
corners of the closed stirrups (Figure 8) except at positions 2, 5, 8 and 11, where they were
located 1248 mm from the lower side of the girders. All the strain gauges, apart from those in
the bridge slab, were placed on the side of the girders.

The locations of the sensors for each section and cross-section position, are specified in Table 2.
Due to the greater width of the girder in sections G-H and the corresponding increase in
concrete cover strain gauges 25-28 were not used in the final measuring programme. Care was
taken to avoid damaging the girder in any way that could potentially affect the quality of the

Figure 7 — Positions of strain gauges on longitudinal reinforcing steel.

N
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Figure 8 — Cross-section positions of strain gauges on longitudinal reinforcing steel.
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Table 2 — Positions of strain measurements on longitudinal reinforcing steel.

No. Position* No. Position* No. Position*
1 A6 14 E4 27 H4
2 Al2 15 E7 28 H7
3 B1 16 F1 29 16
4 B2 17 F2 30 112
5 B3 18 F3 31 J1
6 B6 19 F4 32 J2
7 B10 20 F5 33 J3
8 B11 21 F6 34 J6
9 B12 22 F7 35 J10
10 C6 23 F8 36 J11
11 C12 24 F9 37 J12
12 D4 25 G4 38 K6
13 D7 26 G7 39 K12

! Section A-K in Figure 7 and cross-section position 1-12 in Figure 8

strengthening.

As illustrated in Figure 9, strain gauges were also installed in three lines on the vertical
reinforcing steel on the northern side of the southern girder in span 2-3, at 900 mm spacing
starting from the edge of the loading plate. Thus strain gauges 6-9 were located 1250 mm from
the central point of the load application. Vertical distances from the bottom side of the girders to
the sensors were 148, 548, 948 and 1348 mm, respectively.

In addition, an ARAMIS system in 5M configuration was used to optically record deformations
of the surface on the southern girder on the opposite side to the instrumentation of the vertical
reinforcing steel, and accompanying software was utilised to analyse the strains. The optical
monitoring was based on a grid, centred 2.0 m west of midspan 2-3, from the bottom of the

LKAB
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[ reinforcement intersection
| /
i 4 J/

- = - - - __+_______._ [ S Sppuny SRy SR PE P G [ g Sy Sy g [ P ——— - - -_ = ==

|
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!
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|
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I
: 06 03 01
' Longitudinal

reinforcement

Figure 9 — Positions of strain gauges on vertical reinforcing steel.
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Figure 10 — Geometry of bridge strengthening systems in span 2-3 and positions of the strain
gauges on the NSM CFRP rods and prestressed CFRP laminates.

girder. Thus, strain gauges 3-4 according to Figure 9, on the opposite side of the girder, were
located within the monitored area, which theoretically covered 1050x880 mm.

In total 14 strain gauges were installed on the NSM CFRP rods and 10 on the prestressed CFRP
laminates (Figure 10): gauges 1-8 recorded the strain at the western edge of the NSM
strengthening; 9, 10 and 15 were located in the sections equipped with strain gauges on
longitudinal reinforcing steel; 11 and 16-18 at midspan 2-3; 14-16 at major concrete cracks and
19-24 next to the anchorage of the laminates.

To obtain the reaction forces in the columns adjacent to the load application in midspan 2-3, i.e.
supports 2 and 3, the concrete strains were measured by installing a sensor 800 mm above the
bottom in the centre of each side of each column. Before the bridge tests, the methodology of
using strain gauges to determine the reaction forces was validated using load cells, while
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preloading the column with hydraulic jacks and utilising the column’s vertical adjustment
device.

On each side of the cracks instrumented by crack opening displacement (COD) sensors as
described above, the concrete strains were measured. Like the COD sensors, the strain gauges
were located in the centre of the lower side of the girders. These sensors were only active in
Preloading Test Schedule 1, load cases 15-27.

Temperature

During the experiments temperatures were measured at several locations in midspan 2-3 (Figure
11), using type T (04 N/N-24-TT) temperature wires inserted into holes to specified depths in
relation to the concrete surface: 30 mm for positions 1, 3 and 6; 60 mm for positions 2 and 7; 50
mm for positions 4 and 8; and 80 mm for position 5.

L1000 . 2500 2500 N

¥ F T 1§ ¥
8 4+5 /
6+7 '8 3 =
Ig § %I 1+2

Figure 11 — Positions of temperature wires in the concrete at midspan 2-3.

4.3 Slab test

Relevant instrumentation that was still intact after the girder failure tests, and complementary
instrumentation, was used to monitor the behaviour of the bridge during the following bridge
slab failure test. The sensors still active during this test were:

- the oil pressure sensor for hydraulic jack 1, as shown in Figure 4 and Figure 5,

- draw-wire sensors 4-7 and 14-15, as shown in Figure 6;

- strain gauges 1-39 as specified in Table 2, excluding gauges 12, 17 and 24-28, which
were not used for various reasons;

- strain gauges 1-9 as shown in Figure 9, except gauge 8, which was out of order;

- strain gauges 1-24 installed on the columns at supports 2 and 3;

- temperature wires 1-8, as shown in Figure 11.

Displacement

The above instrumentation was complemented with four draw-wire sensors, with similar
specifications to the sensors utilised in previous tests. Two were located on the lower surface of
the slab, at the centre of the load applications, to measure deflections, and two on the lower side
of the northern longitudinal girder, in both cases 2.00 m on either side from midspan 2-3.

Curvature

To monitor curvature in the slab test the rigs used in the girder tests at supports 2 and 3 were
installed on the top surface of the slab, parallel to the steel beam used for load application, 500
and 1000 mm southern to the centre of the loading plates. The midpoint of this instrumentation
coincided with midspan 2-3.
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4.4 Non-destructive test

Three strain gauges of the same type as previously specified for monitoring the concrete were
used in the non-destructive tests to determine the residual forces in the post-tension cables,
located in a line in the centre of the lower sides of each girder in span 2-3. In order to provide
enough space to avoid damaging the sensors while cutting the concrete, the centre-centre
distance was 120 mm, since the total length of the strain gauges was 74 mm with a 60 mm
measuring length.

3) RESULTS

51 General description

In the experimental programme for the girder tests the bridge was instrumented with sensors at
up to 141 positions in total, excluding the surface measurement using ARAMIS, and 93 sensors
were used in the bridge slab failure test. General observations regarding the test procedures and
the observed load-carrying capacity of the bridge are presented in this section.

5.2 Girder test

The loads applied in the preloading schedules and loading the bridge to failure, according to the
recorded pressures in the hydraulic jacks, are illustrated in Figure 12 to Figure 14, which show
that the preloading followed the schedules listed in Table 1, with minor deviations due to
difficulties in manually controlling the oil pressure. In Preloading Test Schedule 1 (Figure 12)
the complementary instrumentation used to determine the remaining forces in post-tensioned
cables was installed after approximately 7400 s. The time spent installing it (about 5.5 hours
including associated operations) is not shown in the graph, but no corrections have been applied
to the force-time courses shown in Figure 13.
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Figure 12 — Observed loadings during Preloading Test Schedule 1, unstrengthened girder.
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Figure 13 — Observed loadings during Preloading Test Schedule 2, strengthened girders.
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Figure 14 — Observed loadings during the bridge girders failure test.

In order to manually follow the basement settlements of the bridge safely, the loading was
carried out stepwise up to a certain level, see Figure 14. Another reason for the irregularity in
the loading procedure was the limited stroke length of the hydraulic jacks, which required the
grip position to be changed several times to accommodate longer deflections of the bridge.

After applying a total load of 12.0 MN (4.0 MN for each girder), the pressure in jack 4 was
increased to reach failure of the southern girdSer, while the pressure in the other jacks remained
nearly constant. However, the pressure in jacks 1 and 4 slightly decreased as the central girder
was loaded to failure using jacks 2-3, in responses related to the deformations of the bridge.

Deflections of the bridge are illustrated by the load-displacement curve in Figure 15, showing
the relationship between the total load and midspan deflection of the central girder. Figure 15
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also presents the behaviour according to finite element analysis with 2D and 3D idealisation in
the software ATENA and ABAQUS, respectively. Unfortunately, draw-wire sensor 8 (Figure 6),
was damaged during the test, so the midspan deflection of the southern girder is not available for
the entire test. The highest loads the longitudinal southern and central girders were subjected to
induced deflections of 136 and 159 mm, respectively (Figure 15). However, the bridge loading
was further continued. The shapes of the girders after the test are shown in the photograph in
Figure 16. The peak load at loading the southern girder to failure was 13.4 MN (5.5 MN in jack
1) and 12.7 MN for the central girder (6.1 MN in total in jacks 2-3).

5.3 Slab test

The data acquired from the specified test setup indicate that the load-carrying capacity of the
bridge slab was 3.32 MN. Thus, the load transferred in each loading plate was 1.66 MN. The
slab failed only at the western load distribution plate, displaying very brittle behaviour with no

Test eeeee ATENA2D = = ABAQUS3D

Load [MN]

0 50 100 150 200 250 300
Deflection [mm]

Figure 15 — Load-displacement relationship during the bridge girder failure test.

Figure 16 — Photograph of the bridge girders after failure, view from the south (2014-08-26).
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Figure 17 — Photograph of the bridge slab failure, view from south (2014-06-27).

appreciable indication of the failure. In Figure 17 the final shape of the bridge slab is presented
from underneath the bridge. Due to the arrangement of the test setup and type of failure it was
not possible to further load the slab to achieve failure at the eastern load distribution plate.

6 CONCLUSIONS

Closure of the Kiruna Bridge provided a rare opportunity for LTU to monitor a post-tensioned
concrete bridge during tests to failure using a wide array of instruments, from May to August
2014. The primary aim was to acquire relevant data for calibration and development of methods
for assessing prestressed and post-tensioned concrete structures. The results acquired during the
investigations reported in this paper suggest that the following parameters warrant further
attention:

- Robustness, ductility and bridge behaviour;

- Shear resistance at ultimate limit state;

- The utility, behaviour and contributions to increases in capacity of strengthening
methods using CFRPs;

- Punching resistance of bridge slabs;

- Condition of post-tensioned steel cables and non-destructive determination of residual
forces;

- Reliability-based analysis of reinforced concrete structures;

- Finite element model updating.

Detailed analyses of these parameters would greatly facilitate improvements in models for
assessing existing concrete structures and thus savings of costs, for bridge owners and managers.
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Abstract:

This paper presents an innovative prestressingssystem using surface-bonded laminates.
The system was applied to an obsolete poststensioned concrete bridge, which was tested
to failure to assess the systems’ strengthening.effects. Two of the three main girders in
one of the spans were strengthened 4n” flexure: one of the outer girders with prestressed
carbon fiber reinforced polymer®(CERP) laminates and the central girder with near
surface mounted (NSM) CFRR bars. The bridge was loaded in three tests: up to 6.0 MN
before strengthening, up t0'6.0 MN after strengthening and to failure (13.5 MN for the
laminate-strengthened (girder and 14.1 MN for the NSM-strengthened girder).
Comparison of .responses before and after strengthening showed that the prestressed
laminates improved the overall performance. However, the laminates debonded at 9.0
MN, probably due to the presence of negative cambering that was not accounted for in
the strengthening design.

Key words: A. Carbon fiber; A. Laminates; B. Delamination; D. Mechanical testing.



1. Introduction

1.1 Field test

A post-tensioned concrete bridge was taken out of service due to traffic re-routing in
2013. The obsolete bridge could therefore be used in an extensive test program [1] to
study structural assessment and strengthening methods, as well as load-carrying
capacities, at loads up to structural failure. The tests were designed and conducted in a
collaborative project involving the Swedish Universities of the Built Environment
(SBU), but were mainly performed by researchers from Luled University of Technology
(LTU). Two of the main girders in one of the spans were strengthened in flexure using
carbon fiber reinforced polymers (CFRP): three 10x10 mm? near surface mounted
(NSM) bars on the central girder and three prestressed 1.4x80 mm? laminates on the
southern girder, as shown in Figs. 1-2. The laminate strengthening, was.applied using a
recently developed stressing and gradient anchoring procedure developed at Chalmers
University of Technology, Sweden [2-4]. The strengthening effects were investigated
by applying load tests before and after strengthening, and the ‘bridge was subsequently
loaded to failure. The results are presented and discussed below.

1.2. Background information on prestressed laminates

Common types of surface-bonded reinforcements for strengthening concrete structures
include diverse fiber reinforced polymer+«(FRP) systems with widely varying structural
forms, e.g. strips, plates, sheets, grids .or textiles, all of which can be bonded to concrete
surfaces. The first systems “for strengthening concrete with surface-bonded
reinforcement were developed in the 1960’s, and several early studies of such systems
were presented at the RILEM, International Symposium in 1967 [5-7].

Since then steel‘plate'bonding has been used to strengthen concrete structures all around
the world, for example in South Africa [8], Switzerland [9], the former Soviet Union
[10], Australia [11], the USA [12-14], the UK [15] and Sweden [16]. The reinforcement
in the first applications consisted mainly of epoxy-bonded steel plates, but their material
properties raised a number of concerns regarding corrosion, flexibility, requirements for
overlap joints and pressure on the adhesive during hardening, and heavy working loads
during installation. By the early 1980°s researchers at the Swiss Federal Laboratories for
Materials Science and Technology (Empa) started investigating the possibilities of
using fiber reinforced polymers (FRPs) instead of steel to strengthen concrete structures
[17]. FRPs are now widely accepted for surface-bonded strengthening due to their
superior material properties.

Epoxy is the mostly used adhesive agent in these applications due to its strong bonding
to concrete, high durability and resistance to environmental attacks. However, it has



several drawbacks, including associated health hazards, application temperature
restrictions, moisture sensitivity during hardening and the creation of diffusion-closed
surfaces [18]. Thus, the cited authors suggested the use of mineral-based binders, in
which the epoxy is replaced by a cementitious bonding agent.

Any surface-bonded strengthening system requires sufficient anchoring length to obtain
full composite action between the strengthening component and the concrete structure,
thus avoiding debonding failures. However, the bond strength can be enhanced by
encapsulating the anchoring zone with composite sheets wrapped around the concrete
beam, or by using mechanical anchors, e.g. bolted plates. The orientation of the bonded
strengthening components is typically chosen to optimize the strengthening effects,
flexural reinforcement being bonded longitudinally along the soffit of the concrete
beam, and shear reinforcement being bonded to the sides in the shear direction [19].

Surface-bonded reinforcement can either be non-stressed, or used“as pre-tensioned
members. The aim using pre-tensioned reinforcement is to reduce,tensile strains in the
concrete by introducing a compressive normal force. The<approeach for pre-tensioned,
surface-bonded strengthening is to stress the reinforcement. before it is bonded to the
concrete. After adhesive curing, the tension istreleased”by removing the stressing
anchors. This allows the reinforcement to transfer,compression over the entire bonded
surface.

In the first reported tests of prestressed FRP sheets (published in 1989) a concrete beam
was strengthened by glass fiber reinforced polymer (GFRP) sheets, bonded to the tensile
concrete as the beam was cambered [20]. By releasing the cambering the sheets were
post-tensioned. The use of pre-tensioned CFRP sheets was first reported a little later, in
1992 [21]. Since then, as already mentioned they have been used in diverse
applications. Howeyer/ this is the first report of their strengthening effects (when
installed using the nowvel“procedures developed at Chalmers University of Technology
[2-4]) on a post-tensioned bridge tested to failure.

2. Method

2.1 Bridge properties

The Kiruna Bridge was a post-tensioned concrete girder bridge, spanning 121.5 m over
the “Iron Ore Railway Line” and the European highway E10 at Kiruna in northern
Sweden. Constructed in 1959, it was a curved five-span bridge, with a center-line radius
of 500 m (convex on the southern side) and geometrical properties shown in Figs. 1 and
2. The superstructure consisted of a 15 m wide reinforced concrete deck on top of three
post-tensioned main girders. The slab was 300 mm thick over the girders and 220 mm
thick in the free span. The girder widths varied, being 650 mm over the columns, 410



mm in the span and 550 mm at girder splices (8.2 m west of support 3 and 8.4 m east of
support 4). The total height of the girders was 1,923 mm. The abutment on the eastern
side consisted of three roller bearings while the eastern side was longitudinally fixed.
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Fig. 1. Elevation of the Kiruna Bridge with span
lengths (mm) for the southern span.
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Fig. 2. Cross-sectionrand.loading setup for the Kiruna
Bridge. Hydraulic'jacks are denoted J1 - J4.

The reinforcement consisted of three @16 mm longitudinal bars in the bottom of each
girder, with @10 mm,bars distributed with a c/c of 200 mm upwards on each side. The
minimum concrete cover was 32 mm and vertical @10 mm stirrups were distributed
with a c/c of 150 mm.

The steel grade in the girders was denoted Ks40 (f, = 410 MPa), while Ks60 steel (f, =
y y!

620 MPa) was generally used in the slab. The superstructure and substructure consisted
of K400 and K300 concrete with characteristic compressive strengths of 28.5 and 21.5
MPa, respectively. The bridge was post-tensioned in two stages, with six cables in the
central and eastern segments and four cables in the western segment. The midspan of
span 2-3 had four post-tensioning cables, all 220 mm above the concrete soffit. The
BBRV post-tensioning cables consisted of bundles of 32 @6 mm wires, with a steel
grade denoted St 145/170 (fyk =145 GPaand f, = 1.70 GPa). A post-tensioning force

of 90 tons per cable was prescribed in the original bridge design. The material
properties tested in the study reported here (summarized in Table 1) were: the
concrete’s mean compressive strengths f_and coefficients of variation CoV; the steel’s



mean Yyield fym and failure f_ strengths; the CFRPs elastic modulus E,, strain at failure ¢,
and tensile strength f; and the epoxy’s shear strength 7, and elastic modulus E..

Table 1. Tested material properties.

Concrete f 61.8 MPa
K300 CoV 11.3 %
Concrete f. 62.3 MPa
K400 CoV 18.1 %
Steel Ks40 fym 484 MPa
@16 mm f 702 MPa
Steel Ks40 fym 439 MPa
@10 mm f 705 MPa
Prestressing steel fym 1.61 GPa
St145/170 f. 1.73 GPa
CFRP f, 3.63 GPa
StoFRP HM 200 E 211 GPa
o 1.71 %
Epoxy T, 19.0 MPa
StoPox SK41 E 7.87 GPa

Assuming a neutral axisatiabout x = 200 mm in the ULS (based on results from the load
test) and a center of gravity for the compressed concrete at 0.4x = 80 mm, the flexural
resistance of the.girder M, can be expressed as

Mg = Aszsfys + Apzpfyp = 9.98 MNmM

where A_ is the area of the tensile reinforcement (603 mm?), z, is the lever arm for the
tensile reinforcement to 0.4x (1,795 mm), fys is the vyield strength of the tensile
reinforcement (484 MPa), A, is the area of the tendons (3,619 mm?), z, is the lever arm
for the tendons to 0.4x (1623 mm) and fyp is the yield strength of the tendons (1.61
GPa).



2.2 Loading procedure

The loads were produced by four large hydraulic jacks, placed on top of two load
beams, as shown in Fig. 2. The jacks were anchored to the bedrock by steel cables and
the loads were controlled by the hydraulic pressure in the jacks. Four @200 mm holes
were drilled vertically through the bridge slab, 14.6 m into the bedrock. Two 1180 mm
high, double-webbed I-beams, with a cross area of 700 mm? were used to distribute the
load. Solid 700x700x5-20 mm?® steel plates were used to support and level the load
beams at three points, centered over each girder. The steel grade of the plates and the
load beams were S275J0 and S355J0, respectively, and the supports were 20 — 265 mm
high, governed by the transverse inclination of the bridge. The cables consisted of 31
@15.7 mm wires anchored to the bedrock by grouting the holes. The hydraulic jacks,
each with a maximum load capacity of 7 MN, had piston areas and stroke lengths of
about 1280 mm? and 150 mm, respectively.

The Kiruna Bridge was loaded in three tests, as follows:

Test 1: Loading of the unstrengthened bridge up to 6.0 MN(2.0 MN in jacks 1 and 4,
and 1.0 MN in jacks 2 and 3), in three stages. In the first'stage uniform loads were
applied to all three girders. In the second stage eccentric loading was applied (loading
one load beam at a time). The final stage consisted of uniform step-wise loading of all
girders, with 1.5 MN increments. The loading schedule in load tests 1 and 2 is shown in
Fig. 3.

Test 2: Repetition of Test 1 after strengthening of the bridge.

Load , uniform eccentric uniform
[MN] 4'loading loading loading
—p - > < L
6-0 A (‘ (‘ (_\
w0 1
2.0 1
0.0 m crre b | ﬂ ol v
0 30 60 90 120 Time
[min]

Fig. 3. Loading schedule applied in load tests 1
and 2.



Test 3: Ultimate loading of the southern and central girders, again in three stages. The
first (3-1) consisted of uniform loading up to 12.0 MN (4.0 MN in jacks 1 and 4, and
2.0 MN in jacks 2 and 3). The second (3-2) consisted of applying a constant load in
jacks 1, 2 and 3, with an increasing load in jack 4 (on the southern girder) up to 13.5
MN in total (4.0 MN in jack 1, 4.0 MN in jacks 2 + 3 combined, and 4.0 - 5.5 MN in
jack 4). Finally, stage 3-3 consisted of constant loads in jacks 1 and 4, with increasing
loads in jacks 2 and 3, up to 14.1 MN in total on the central girder (2.0 MN in jack 1,
4.0 - 6.1 MN in jacks 2 + 3 combined, and 4.0 MN in jack 4). The loading schedule for
this load test is illustrated in Fig. 4.

Load Load test Load test Load test
[MN] | 3-1 3-2 3-3
-¢ > > 44—

14 -

12 A

10 A

~

Delamination

Time

0 60 120 [min]

Fig. 4. Loading,schedule applied in load test 3.

2.3 Strengthening

CFRP-based strengthening’systems were installed in soffits of two of the three main
girders in spans 2-3.after load test 1 in order to assess their full-scale strengthening
performance. More specifically, three non-stressed 10x10 mm? NSM bars were placed
in longitudinal pre-cut grooves in the concrete cover of the central girder and three
prestressed 1.4x80 mm? laminates were bonded to the concrete surface of the southern
girder (after sandblasting), as shown in Fig. 5. The laminates were prestressed using a
method recently developed at Chalmers University of Technology [2-4], while the NSM
strengthening followed the conventional procedures with CFRP bars bonded in pre-cut
grooves. The material properties of the CFRP are given in Table 1. A thixotropic, two-
component epoxy adhesive was used for bonding the FRP reinforcement to the
concrete. The strengthening was installed on June 17" and the first test of the
strengthened bridge was carried out on June 25™. The temperature during the laminate
prestressing was 4°C (39°F) and the average temperature during the 8 days of adhesive
curing was 7°C (45°F). The minimum temperature during curing was +1°C (34°F).



As shown in Fig. 6, the prestressing device for the laminates had five key components: a
temporary anchor plate, two guiding bars, tabs, springs and GFRP laminate.
Prestressing devices were installed on both ends of the CFRP laminate in order to
ensure gradual insertion of the prestress and reduce high unfavorable shear stresses in
both ends. The prestressing was only applied to one (active) side while the other
prestressing device remained passive, but it was assumed that the prestress would be
distributed symmetrically over the CFRP laminate before bonding to the concrete beam.

Central girder:

1 i e oS e O O GO e e e e i R U
T T T T T T e
‘I, ‘I, } } k L
5800 1000 4000 I 4000 1000 5740
!
Southern girder: | 13
12 i [ 14 21
2370 7085 [ s 7085 ' 2370 r
! A : e
[ \
——— .
2 | \ A\
4500 2500
A Column i

Fig. 5. Strengthening of the Kiruna Bridge; three overlapping NSM bars were installed
on the central girderand three prestressed laminates on the southern girder. Strain gaug-
es on the laminates are numbered 12 — 21.

The temporary anchor plates were only used to anchor the prestressing device during
prestressing and epoxy-curing. All prestressing components were removed after
hardening of the bonding agent. The temporary anchor plates were attached to the
concrete beam by 210 mm long Hilti HAD-T anchor bolts. To ensure the essential
transfer of force between the prestressing device and the CFRP laminate two 10 mm
thick, glass fiber reinforced polymer (GFRP) laminates were bonded to the ends of the
CFRP. The GFRP laminates were 1.5 m long with a tapered end to prevent high shear
stresses in the bond line, and connected by nuts to the tabs to transfer force as desired.
The prestressing device was attached to the GFRP before mounting it on the concrete




beam. Each laminate was prestressed with 100 kN (0.89 GPa), corresponding to 25% of
the CFRP’s tensile strength. A hydraulic jack, resisted by the anchor plate, was used for
the prestressing and the stress was controlled by a load cell.

Anchor plate

L | Springs
' - 5% CFRP Laminate

Fig. 6. Key components of the device used for anchoring-andprestressing the laminate
strengthening system installed on the southern girder of Kiruna Bridge.

The epoxy-prepared laminates were placed dnwposition manually, and three scissor lifts
were used along the 21.5 m span (one on~each side and one at midspan) to apply weak
upwards pressure before prestressing..The two outer laminates were 18.9 m long, while
the central laminate was 14.2 m dong. Due to an undocumented pre-cambering of the
girder, the surface contact between»the laminates and the concrete beam decreased
during prestressing. This resulted in a gap of up to 31 mm between the laminates and
concrete. According to tests,of'various cementitious materials to reprofile pre-cambered,

post-tensioned goncreteygirders before strengthening with prestressed CFRP strips, dry
shotcrete can be used to create a suitable even surface [22, 23]. However, in this case
the gap was left unfilled, resulting in a large unbonded section at midspan (about 14 m
for the longer laminates and 9 m for the short one).

Following the argumentation regarding flexural resistance in section 2.1, a fully
functioning laminate system would theoretically improve the flexural resistance (M) in

the ULS by approximately 23% (assuming tensile failure in the CFRP). The
contribution from the laminates (AM_,) can be calculated as:

where A, is the area of the laminates (336 mm?), z, is the lever arm for the laminates to
0.4x (1,843 mm) and f, is their tensile strength (3.63 GPa).



The girders were originally post-tensioned with a force of about 3.60 MN and the
laminate prestressing added a total axial force of about 0.30 MN (8% of the original
post-tensioning). However, there were possibilities for increasing both the prestress of
the laminates (as 0.25-f, was applied) and their amount (the soffits could only

accommodate the three used, but additional laminates could have been bonded to the
sides).

2.4 Monitoring

The test program for the southern girder included monitoring strains, displacements and
cracks. An optical deformation recorder (ARAMIS) monitored the surface strains of a
1,050 x 880 mm? grid, centered 2.0 m west of the midspan of span 2-3. In total, 15
strain gauges (SG), at locations marked 15-29 in Fig. 7, were attached to the
longitudinal reinforcement of the southern girder after removing the congerete cover. The
strain gauges were installed in three levels: (a) the uppermost bars (30 mm under the
concrete top surface), (b) bars in a mid-layer, 375 mm under the.slab (1,248 mm above
the girder soffit) and (c) the tensile reinforcement (40 'mm above the soffit). An
additional nine SGs were welded on stirrups at‘three levels (148, 548 and 942 mm
above the soffit) at each of three points (1,348 mm, 1,250, 2,150 and 3,050 mm west of
the midspan: locations 1-9 in Fig. 8) to moniter vertical strains.

Fig. 7. Locations of monitors of the southern girder: strain gauges (15-29), a draw wire
sensor and an optical system (ARAMIS grid).

The strains in the laminates were monitored by 10 strain gauges (SGF 12-21 in Fig. 5),
glued onto the CFRP. One tensile crack in the soffit of the southern girder, at midspan,
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was selected for monitoring crack widths after the first load stage in load test 1, using a
crack opening displacement sensor (COD). In addition, the deflection at midspan was
monitored by a draw wire sensor (DWS) attached to the girder soffit and the ground
below.

w Applied
< # load
: 575
€9 i
~E o i 400
o2 e4 |e7 | 400
3 6 : 400
€1l oo e i 148
, 900 , 900, 1250 |
Midspan
o Strain gauge l:l ARAMIS-grid

Fig. 8. Locations of strain gauges.(1-9) fer.monitoring
vertical strains in Stirrups.

3. Results and discussion

3.1. Longitudinal strains

Fig. 9 compares tensile reinforeement strains at midspan (SG22) recorded at loads up to
6.0 MN before and aftersstrengthening (in load tests 1 and 2, respectively). Due to the
load history with repeated loading and unloading, the levels of residual deflection and
strain differed at.the beginning of the loading sequences. The unstrengthened girder
exhibited higher strains, but the differences decreased at higher loads. Evidence of
reductions in strengthening effects at higher loads can also be seen in the sectional strain
distribution recorded in the midspan presented in Fig. 10. The figure shows strains at
four heights: 0 mm (SGF 14, only for the strengthened girder), 40 mm (SG22), 1248
mm (SG23) and 1893 mm (SG24) above the girder soffit. The tensile reinforcement
showed high levels of strain, exceeding 1,000 ps at a load of 1.5 MN, and 5,500 ps at
6.0 MN. Poor bonding between the CFRP laminates and concrete due to the cambering
in the midspan is manifested by the large differences between strain in the laminates and
tensile reinforcement. At 6.0 MN loading the laminates and reinforcement showed
strains of 1,320 and 5,657 s, respectively (Fig. 10). The large differences in strain can
be explained by regarding the laminates as being unbonded in the span due to the pre-
cambering. The strain should theoretically have been uniform in the unbonded parts of
the CFRP, and (hence) show no peak in the midspan. Fig. 10 also shows that the



difference in strain between the reinforcement and laminates increased with increasing
loads. As the load increased, so did the shear stress in the anchoring zone, resulting in
debonding and thus reducing average strains in the longer unbonded CFRP region.
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Fig. 9. Tensile strains in the southern girder before and
after strengthening (dashed and solid"lines, respectively).
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Fig. 10. Sectional strain distribution in the southern girder
at midspan, before and after strengthening (dashed and so-
lid lines, respectively).

Fig. 11 shows load-strain curves obtained for the three laminates at midspan up to
debonding, which occurred as a chain reaction during a load halt at 9.0 MN. The
maximum strains reached 1,906 to 2,043 s for the three laminates, excluding the
approximately 4,250 ps from 100 kN of prestressing. The laminates were active until



debonding and the strains increased with the load. The shorter, central laminate
displayed the highest strains (SGF14) and was the first to debond at the anchorage
closest to column 2. The second laminate to lose its anchorage near column 2 was the
northern one (SGF13), shortly followed by the southern laminate (SGF15). However,
the loading continued until failure and a maximum load of 13.5 MN was recorded for
the delaminated girder. Fig. 11 also shows the tensile reinforcement strain at midspan
(SG22). Although a total force of about 450 kN had to be redistributed from the
laminates to the girder after debonding, no tendencies towards stress redistribution were
detected in the SG22 readings. Similarly, the debonding point could not be
distinguished in curves obtained from any of the other strain gauge readings or draw
wire deflection measurements. This may have been at least partly because the
laminate’s area was small (336 mm?) compared to those of the tensile reinforcement and
(especially) tendons (603 and 3,619 mm?, respectively).
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0 5000 10000 15000 20000 S[t;z‘]'”

Fig.\12. Load-strain curve for the strengthened bridge.

SGF13 — 15 show the laminate strains up to debonding

and SG22 show strains in the tensile reinforcement up
to failure.

Figs. 12 and 13 present the sectional strain distribution obtained from three strain
gauges over columns 2 and 3, respectively, before and after strengthening. The results
show that compression was distinctly lower in the bottom reinforcement over the
columns of the strengthened bridge. However, the difference between the
unstrengthened and strengthened girder decreased at higher loads. Consequently, the
strains were higher over column 3 than over column 2.
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Fig. 12. Strain profile for the southern girder over column 2,
before and after strengthening (dashed and solid lines, resp-
ectively).

- 2000
r - Unstrengthened
—a— 1.5 MN
—+— 3.0 MN
—=—45MN
—+—6.0 MN

Height [mm]

0O
1%

Strain [1s] 0 -300 -600 -900 -1200

Fig. 13. Strain profile for the southern girder over column 3,
before and after strengthening (dashed and solid lines, resp-
ectively).

Load-strain curves for the anchoring zone are shown in Fig. 14. All gauges in this zone
(SGF16-21) detected tensile strains initially (not including the prestress), but as the load
increased, the strains declined. The anchoring zone was located near the zero-moment
and the parabolic shapes of the curves in Fig. 14 were probably affected by stress-
redistributions in the girder. The shear stress in the anchoring zone can be calculated
from:
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where z, is the shear stress between the laminate and the concrete, dF is the change in

laminate force, ¢, is the laminate strain at position i, E, is the elastic modulus of the
CFRP, b, is the width of the laminate and A1 is the distance between the strain gauges at
positions i and i-1. The shear stresses for SGF16-20 were small, in the range of 25-41
kPa, and are summarized in Table 2. The debonding initiated near column 2, probably at
least partly due to the uneven bonding caused by the girders’ negative initial cambering.

-200 -100 0 Strain
[us]

Fig. 14. Laminate strains close to the anchorage with
loading up to debonding.

Table'2. Calculated shear stress between the laminate
and the concrete.

Ae Al T,
SGF us mm kaa
16-17 42 500 25
17-18 27 300 26
18-19 11 100 32

19-20 7 50 41




3.2. Stirrup strains

The strains in the stirrups were not significantly affected by the strengthening, as
illustrated by the load-strain curves for SG3-5 (one stirrup, as defined in Fig. 8) shown
in Fig. 15. The strains in SG3 and 5 were only in the range of -20 us in load tests 1 and
2. SG1, 2 and 9 showed similar compression values. SG4 was located directly over a
crack and the gauge recorded about 2,250 ps at a load of 6.0 MN both before and after
strengthening. The remaining SGs showed maximal tensile strains in the range of 100-
200 ps in load tests 1 and 2.

Load -

[MN]
6.0 o>
SG38&5 °
4.0
Strengthened
2.0 1
= - =-, Unstrengthened
-500 . 0 500 1000 1500 2000 Strain [ps]

Fig. 15. Load-strain.ctrve for one stirrup, before and
after strengthening (dashed and solid lines, respectively).

3.3. Deflections and’crack opening

Neither the midspan, deflection (Fig. 16), nor the monitored crack opening (Fig. 17)
showed any detectable effect of strengthening. The midspan deflection and crack
opening were 27 and 0.66 mm, respectively, at a load of 6.0 MN. One of the main
reasons for using prestressed CFRP laminates in the tensile region of a concrete beam is
to reduce and postpone tensile cracking of the concrete. As the laminates are
prestressed, the tensile strains in the concrete are reduced, leading to smaller total
deformations (i.e. deflections and crack widths) than in the unstrengthened state, under
corresponding loads. It should be noted that in this case, the bridge was not monitored
during prestressing of laminates, and possible prestressing effects such as girder
cambering and closing of tensile cracks were not recorded.
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Fig. 16. Load-deflection curve for the southern girder,
before and after bridge strengthening (dashed and'solid
lines, respectively).
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Fig. 17. Load-crack opening curve for the southern
girder, before and after bridge strengthening (dashed
and solid lines, respectively).

3.4. Behavior after delamination

The deflection monitoring at the southern girder’s midspan was terminated during load
test 3 because the debonding laminates cut the wire of the draw wire sensor. As
mentioned earlier, no evidence of the delamination point was detected in the collected
test data, apart from the lost signals of the laminate strain gauges and the draw wire
sensor. However, the test results in Figs. 10-12 suggest that the strengthening effect
decreased as the load increased, which may explain the lack of indications of
strengthening failure at 9.0 MN in the results. The tensile reinforcement at midspan had



already exhibited strains well above the yield strength during load tests 1 and 2. The
overall behavior of the loaded girder was relatively ductile, with severe cracking and
warnings before the ultimate brittle failure. The failure was a combination of shear and
flexure, starting with vertical cracks in the tensile zone, followed by inclining cracks
and ending with a rapid shear crack. The first shear crack appeared to the west of
midspan. An image of the southern girder at failure is shown in Fig. 18.

4. Conclusions

Two CFRP-based strengthening systems designed to improve the behavior and increase
the original load resistance of pest-tensioned concrete bridges (which are challenging
objectives) were applied to girders of an obsolete bridge before loading to failure. The
efficiency of the strengthening was assessed by comparing load responses before and
after strengthening. The results show that prestressed, surface-bonded laminates can
significantly impreve-the performance of post-tensioned bridges (particularly in terms
of reducing strains in the longitudinal reinforcement). However, the improvements
seemed to decrease as loads increased. In sharp contrast, effects of the NSM
strengthening of the central girder (which are not considered here), increased as loads
increased. The reduction in strengthening effect of the laminate system at high loads
was probably due to propagation of debonding arising from an incomplete bond line
between the laminates and the pre-cambered concrete beam. Prestressing the CFRP
improved the utilization of the strengthening system, especially in the service limit
state. One of the reasons for using gradient anchoring is to reduce the shear stresses
between CFRP and concrete, which the presented results indicate may be up to 41 kPa.
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NSM CFRP Strengthening and Failure Loading of a
Posttensioned Concrete Bridge

Jonny Nilimaa, C.Eng."; Niklas Bagge, C.Eng.?; Thomas Blanksvérd, Dr.Tech.®; and Bjérn Téljsten, Dr.Tech.*

Abstract: Two carbon-fiber-reinforced polymer (CFRP) systems developed as possible means to strengthen existing concrete structures
have been applied to a bridge at Kiruna (Sweden). The bridge was no longer in service and was thus used in extensive tests to failure. It was a
posttensioned five-span bridge consisting of three longitudinal main girders topped with a concrete slab. The program reported here consisted
of a series of three tests of the girders in the second span: loading each girder up to 2.0 MN before strengthening, loading each girder up to
2.0 MN after strengthening, and loading to failure after strengthening. One of the girders was strengthened by installing three 10 x 10 mm?
near-surface mounted (NSM) CFRP bars on the soffits, and another by installing three prestressed 1.4 x 80 mm? CFRP laminates. This paper
focuses on the NSM-strengthened girder, which failed at a maximum load of 6.1 MN, with a corresponding midspan deflection of 159 mm.
The failure was a combination of flexure and shear, and the strain in the NSM bars at the ULS was 1.2%. DOI: 10.1061/(ASCE)CC.1943-

5614.0000635. © 2015 American Society of Civil Engineers.

Author keywords: Bridges; Assessment; Rehabilitation; Upgrading; Strengthening; NSM; CFRP; Full-scale testing; Prestressed concrete.

Introduction

The Kiruna Bridge (Fig. 1) was a posttensioned concrete bridge
that was built in 1959 to link the town of Kiruna in northern
Sweden to the major nearby iron ore mine (owned by LKAB). Sur-
face deformations associated with continuing excavations were
continuously monitored in the early 21st century, and vertically-
adjustable columns were installed in 2010 to increase the bridge’s
capacity to withstand subsidence, as described by Enochsson
et al. (2011). The ground deformations continued to increase (but
uniformly, so the adjustable columns were never used) and after
54 years of service, the bridge was finally closed in 2013. Before
final demolition, the bridge was subjected to a substantial full-scale
test and monitoring program with extreme loads up to failure. The
test plan included eight nondestructive and destructive tests, as de-
scribed in detail by Bagge et al. (2014). In the near future, the entire
town of Kiruna, including buildings and associated infrastructure,
is being moved to a subsidence-free location 3 km east of the
previous town center.

The decommissioning of the bridge provided an outstanding op-
portunity to test potential strengthening systems. Thus, the test pro-
gram included evaluations of two carbon-fiber-reinforced polymer
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(CFRP)-based strengthening systems: near-surface mounted
(NSM) reinforcement bars and prestressed surface-bonded lami-
nates. Each of these systems was applied to one of three main gird-
ers in Span 2-3. This paper focuses on the NSM system, which was
applied to the soffit of the central girder (Fig. 1). Load tests were
carried out before and after strengthening, and the strengthened
bridge was finally loaded until both of the strengthened main gird-
ers reached their ultimate capacities. The bridge properties, loading
and monitoring procedures, and results for the central girder are
presented in the following sections.

NSM reinforcement has been used for strengthening concrete
structures since the mid-twentieth century when Asplund (1949)
successfully strengthened a bridge slab with cement-grouted steel
reinforcement bars in precut grooves. However, since the late
1990s, NSM reinforcement research has focused on epoxy-bonded
FRP for both practical and functional reasons, as discussed for
instance by De Lorenzis and Nanni (2001a, b) and Téljsten et al.
(2003).

Installing NSM in grooves has a number of advantages over sur-
face-bonded strengthening, including less installation work (the
only required surface preparation is grooving), higher anchoring
capacity (due to the larger bonding surface), ease of prestressing,
better protection of the reinforcement, and less impact on the con-
crete members’ aesthetics (De Lorenzis and Teng 2007). De Lor-
enzis and Teng (2007) also found that the bonding performance
of a NSM system depends on several construction parameters, in-
cluding the geometry of grooves, and distances both between the
grooves and between the grooves and beam edges. Blaschko (2003)
suggested that spacing of about 1-2 mm between the FRP and con-
crete was optimal, while De Lorenzis (2002) recommended that
grooves intended to accommodate round bars should be at least
as 1.5 times wider than the bars. For strips, Parretti and Nanni
(2004) recommended minimum groove widths and depths of 3 strip
thicknesses and 1.5 strip widths, respectively. The spacing for
round NSM bars, according to numerical models presented by Has-
san and Rizkalla (2004), should be at least two times their diameter.

Lulea University of Technology, Sweden (where the authors
of this paper are based) was involved in another full-scale test

J. Compos. Constr.
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Fig. 1. Elevation and plan of the Kiruna Bridge
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to failure of a NSM-strengthened two-span concrete bridge in 2006,
as reported by Puurula et al. (2008, 2012, 2014, 2015).

Method

Bridge Properties

The geometry of the five-span Kiruna Bridge is shown in Figs. 1
and 2. The superstructure consisted of three parallel, posttensioned,
concrete girders topped with a reinforced-concrete slab. The central
girder was curved, with a 500-m radius, and the five spans were
18.0, 20.5, 29.4, 27.2, and 26.5 m long (122 m in total). The girders
were 1,923 mm high and their width varied, being 410 mm in the
span, 550 mm at the prestressing anchoring zones, and 650 mm
over the supports. The western side of the bridge (Point 1 in Fig. 1)
had a fixed abutment, while the eastern abutment consisted of three
roller bearings, allowing the superstructure to move longitudinally.
The eastern support (point 6 in Fig. 1) was located higher, giving
the bridge a 5.0% inclination and a slab tilt of 2.5% in the northerly
direction.

The girders were posttensioned in two stages during construc-
tion, starting with the six cables of the central segment, followed by
the four and six cables of the western and eastern segments, respec-
tively. All tendons consisted of BBRV posttensioning cables with
bundles of 32 wires measuring @6 mm. Four cables were used in
the midspan of Span 2-3 and all were drawn 220 mm above the
concrete soffit at midspan. The steel grade of the posttensioning
cables was denoted St 145/170, with characteristic yield and tensile
strength of 1,450 and 1,700 MPa, respectively. The magnitude of

3 prestressed
laminates

3 NSM bars

Fig. 2. Cross-section and loading setup for the Kiruna Bridge; J1-4 are
hydraulic jacks
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Table 1. Characteristic Material Properties

Material Property Magnitude Unit
Concrete K300 fex 21.5 (32.0) MPa
fetk 1.6 2.1) MPa

E. 30.0 GPa

Concrete K400 fek 28.5 MPa
Sfew 2.0 (2.3) MPa

E. 32.0 GPa

Steel Ks40 Fok 410 MPa
E, 200 GPa

Steel Ks60 Sk 620 MPa
E, 200 GPa

Steel St145/170 Sk 1,450 MPa
E, 200 GPa

CFRP fr 33 GPa
StoFRP IM 10 C Ef 210 GPa
Epoxy Te 19.0 MPa
StoPox SK41 E, 7.9 GPa

the original posttensioning was 90 t per cable according to the de-
sign drawings, corresponding to a stress degree of 0.6f; and total
posttensioning force of 3.6 MN for all four cables. The test program
included nondestructive and destructive testing to determine the
residual posttensioning, see Bagge et al. (2014), but the results
of these tests have not yet been analyzed and the level of postten-
sioning (which has not yet been determined) will be presented in a
forthcoming paper.

The longitudinal reinforcement in the central girder consisted of
3 @16-mm bars at the bottom and 12 @10-mm bars at each side,
with ¢/c 150 mm. The shear reinforcement consisted of vertical
@10-mm stirrups with ¢/c 150 mm. The concrete cover was
30 mm thick, and the main steel grade was Ks40 in the girders
and Ks60 in the slab. K400 concrete was used for the superstruc-
ture, while K300 concrete was used for the substructure. All char-
acteristic material properties are summarized in Table 1 with
upgraded values according to the Swedish assessment code in
parenthesis (Trafikverket 2013).

Test Program

Loading was applied at midspan of Span 2-3 by four manually-
controlled hydraulic jacks (J1-4 in Fig. 2). The piston area, stroke
length, and maximum load capacity of the jacks were 1,280 mm?,
150 mm, and 700 kN, respectively. The jacks were placed on two
custom-designed steel beams, transferring the loads onto three
loading points on the bridge (one on each concrete girder), as
shown in Fig. 2. The load beams were double-webbed I-beams with
total steel area, height, and width of 700 mm?, 1,180 mm, and
700 mm, respectively. Due to the bridge slab’s inclination, the load
beams required different amounts of propping for leveling. Solid
700 x 700 x 20 mm? steel plates provided 20 and 265 mm sup-
ports at the two edge points. The steel grades in the beams and
plates were S355J0 and S275J0, with characteristic yield strengths
of 355 and 275 MPa, respectively.

The loading jacks were anchored to the bedrock by steel cables
running vertically through the steel beam, concrete slab and bed-
rock in @200-mm holes. Each cable consisted of 31 (15.7-mm
wires and was grouted 14.6 m into the bedrock.

The test program for the main girders included three load tests:
Test 1, loading of the unstrengthened bridge at various loads up to
6.0 MN (2.0 MN on each girder); Test 2, loading of the strength-
ened bridge up to 6.0 MN (2.0 MN on each girder); and Test 3,
loading to failure of the southern and central girders. The load
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Table 2. Loading of the Kiruna Bridge

Southern Central Northern
Load test Date girder (MN) girder (MN) girder (MN)
1 6/16 0-2.0 0-2.0 0-2.0
2 6/25 0-2.0 0-2.0 0-2.0
3-1 6/26 0-4.0 0-4.0 0-4.0
32 6/26 4.0-5.5 4.0 4.0
3-3 6/26 4.0 4.0-6.1 4.0

on each girder was controlled by the load in the hydraulic jacks.
While the loads in Jacks 1 and 4 were directly interpreted as loads
on the northern and southern girders, respectively, the sum of the
loads in Jacks 2 and 3 was interpreted as load on the central girder.
Load Tests 1 and 2 both consisted of several cycles of loading (with
0.5 MN increments) and unloading in three phases: equal loading
up to 0.5 MN on each girder initially, followed by eccentric loading
of one beam at a time up to 1.5 MN in each jack, and finally equal
loading at all three loading points simultaneously up to 2.0 MN.

Load Test 3 (to failure) also consisted of three phases, desig-
nated 3-1, of equal loading of the three girders up to 12.0 MN
in total; 3-2, of constant 4.0 MN loading on the northern and central
girders while increasing the load on the southern girder to failure
(at 5.5 MN); and 3-3, of constant 4.0 MN loading on the southern
and northern girders while increasing the load on the central girder
to failure (at 6.1 MN). The loading schedules are summarized in
Table 2 and Fig. 3.

Two of the girders were strengthened after the first load test, by
installing three 10 x 10 mm? NSM CFRP bars on the central girder
and three 1.4 x 80 mm? prestressed CFRP laminates on the
southern girder. In both cases, the characteristic tensile strength,
elastic modulus, and nominal failure strain of the CFRP were
3.3 GPa, 210 GPa and 1.4%, respectively.

As Span 2-3 was 20.5 m long (for the central girder) and the
maximum delivery length of the NSM bars was just 10 m, overlap
joints were used, as illustrated in Fig. 4. Three parallel 17 x
17 mm? grooves were sawn into the concrete surface and the
grooves were cleaned thoroughly before bonding. A thixotropic,
two-component epoxy adhesive was placed in the grooves, and
the bars were inserted by hand before smoothing and removing ex-
cessive adhesive with a spatula. The air temperature at strengthening
(June 17) was 10°C and the average temperature during the period
(8 days) of adhesive curing was 7°C, with a minimum of +1°C.

The southern girder was strengthened with three prestressed and
bonded laminates. The two outer laminates were 18.91 m long, and
the central laminate was 14.17 m long. A recently-developed
mechanical prestressing device, described by Kliger et al. (2014)
and [Al-Emrani et al., “Method for applying a reinforced composite
material to a structural member,” U.S. Patent No. 8349109 B2
(2013)], was bolted onto the soffit of the girder (after sand-blasting)
and the epoxy-covered laminates were lifted into position. The lam-
inates were then anchored in the prestressing device and each
stressed with 100 kN. The stressing device also functioned as a
mechanical anchor while the epoxy was curing, but was removed
before the testing.

Monitoring

Up to 141 sensors were used in the test program to monitor the
bridge’s displacements, strains, loads, crack openings, temperature,
and curvature. The displacements in all directions were monitored
by draw-wire sensors (DWS), linear displacement sensors (LDS),
and a laser sensor (Noptel PSM-200). Strain gauges (SG) were in-
stalled on steel reinforcement, CFRP (SGF), and concrete surfaces,

© ASCE
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Fig. 3. (a) Loading schedule in Load Tests 1 and 2; S, C, and N denote
the southern, central, and northern girder, respectively; (b) loading
schedule in Load Test 3

and an optical strain and displacement sensor (ARAMIS) moni-
tored a 1,050 x 880 mm rectangular area of the concrete surface
of the southern girder. Strain gauges were installed on the longi-
tudinal steel reinforcement at three levels: top reinforcement
(SGTR, 30 mm under the concrete top surface), midreinforcement
(SGMR 1,248 mm above the concrete’s bottom surface) and bot-
tom reinforcement (SGBR, 30 mm above the concrete’s bottom
surface). The applied loads were controlled by monitoring the
oil pressure in each jack and calculating the load as the pressure
multiplied by the piston area. Three cracks, one in each girder, were
monitored using crack-opening displacement sensors (COD) dur-
ing Load Test 1. The curvature of the central girder was monitored
by three curvature rigs (CR) placed in the soffit at the midspan of
Span 2-3 and on top of the slab over Columns 2 and 3. The rigs
consisted of 5-m-long steel beams, prepared with five LDS, spaced
800 mm apart.

The monitoring arrangement for the central girder is summarized
in Table 3 and Fig. 4. For the NSM bars, the monitoring focused on
three aspects: the overlapping zone (SGF 1-8), the cracking zone
(SGF 9-10 for expected shear cracks, and SGF 11 for maximum
strains) and crack-induced debonding (SGF 12-14).

Analysis and Discussion of Results

Fig. 5 shows the load-deflection behavior of the central girder in
Span 2-3 recorded before and after strengthening, in Load Tests 1

J. Compos. Constr.
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Fig. 4. Strengthening of the Kiruna Bridge: three overlapped NSM CFRP bars on the central girder, and three prestressed CFRP laminates on the
southern girder; strain gauges on the NSM are numbered 1-14; note: dimensions are given in mm

(dashed line) and 2 (solid line), respectively. Tensile cracks formed
during the first stages of eccentric preloading with loads up to
1.5 MN per girder. The load history and the short time between
unloading and reloading influenced the results of Load Tests 1
and 2, by leaving a residual deflection for the following load cycle.
The recovery of load-induced deflection was slow for the bridge,
but the strengthening seemed to increase the speed of recovery. Due
to the slower deflection-recovery of the unstrengthened girder and
similar time intervals for the load cycles in Tests 1 and 2, the un-
strengthened girder showed a higher deflection in the unloaded
state. However, as the load increased, the two deflection curves
converged at about 0.5 MN and displayed similar linear responses
up to 2.0 MN. Before and after strengthening (in Load Tests 1 and
2) the maximum recorded deflections were 28 and 27 mm, respec-
tively. Thus, the NSM strengthening seemed to have little influence
on the girder’s stiffness in Load Test 2. However, the maximum
load applied in Load Tests 1 and 2 (2.0 MN) was less than a third
of the ultimate capacity (6.1 MN), and there would probably have

Table 3. Sensors Used to Monitor the NSM CFRP-Strengthened Central
Girder

Section (m) SGTR  SGMR  SGBR SGF DWS CR
0 SG1 — — — — CRI1
1.9 SG2 — — — — —
8.0 — — SG7 SGF9 — —
8.8 e o SG8 SGF10 — —
10.3 SG3 SG6 SG9 SGF11  DWS1  CR2
18.6 SG4 — — — — —
20.5 SG5 — — — — CR3

Note: Section refers to distance from Column 2; for meanings of the
abbreviations, see the text.
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been larger differences between the unstrengthened and strength-
ened girders at the ULS due to higher utilization of the CFRP.
Fig. 6 shows the load-deflection behavior of the central girder in
Span 2-3 observed in the three phases of load test 3 (the maximum
deflection versus the load on each girder). The 4.0 MN loading in
Phases 3-1 and 3-2 resulted in maximum deflections of 86 and
128 mm, respectively, while the ultimate load (6.1 MN) resulted
in a deflection of 159 mm. Increasing the loading resulted in ductile
behavior, with extensive cracking and yielding of both tensile
reinforcement and stirrups. However, as illustrated in Fig. 7, the
final failure involved a combination of flexure and shear modes,
starting on the east side of the load and instantly followed by failure
on the west side. A rapid increase in deflection provided a warning

2.0 -
z
=
o
3
9 1.0
.......... Unstrengthened
Strengthened
0.0 ' ‘ '
0 10 20 %0

Deflection [mm]

Fig. 5. Load-deflection curves obtained before and after strengthening
in Load Tests 1 (dotted line) and 2 (solid line), respectively
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Fig. 6. Load-deflection curve obtained in Load Test 3

Fig. 7. Failure of the central girder showed flexural-shear cracks on
both sides of the midspan; figure also shows a curvature rig on the
girder soffit and one load-anchor cable running vertically through
the slab
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Fig. 8. Strain distributions at midspan of the central girder before and
after strengthening, during Load Tests 1 (dotted lines) and 2 (solid
lines), respectively
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Fig. 9. Strain distributions at midspan of the central girder at three
loads during Load Test 3

sign just before the ultimate load, but the process was too fast to be
detected on-site.

Fig. 8 illustrates strain distributions in the central girder at mid-
span under four loads (0.5-2.0 MN) recorded in the unstrengthened
(dashed line) and strengthened (solid line) states. The figure shows
strains detected at four monitoring heights (/): the soffit of the
NSM bar (SGF, & = 0 mm, not applicable to the unstrengthened
beam), the tensile reinforcement (SGBR, & = 40 mm), longitudi-
nal reinforcement in the girder beneath the slab (SGMR,
h = 1,248 mm), and the uppermost longitudinal reinforcement
(SGTR, h = 1,883 mm). In both cases, the strain distribution in
the cross-section was clearly nonlinear, with similar strains in
the NSM bars and tensile reinforcement. However, the strain pro-
files indicate that stresses were slightly smaller, at all measured
points, in the strengthened girder. A 2.0-MN load acting on the
central girder produced tensile strains of about 2,300 and
2,372 ps before and after strengthening, respectively, not including
permanent strains from the dead load and prestressing. A strain of
2,372 s corresponds to a stress of 480 MPa, which is higher than
the nominal yield stress. Thus, local yielding in the tensile cracks
presumably occurred. The SG and DWS measurements provided
no verification of this inference, but this could have been due to

© ASCE

the low proportion of tensile reinforcement in relation to prestress-
ing tendons.

Fig. 9 shows the strain distribution under three loads in Load
Test 3. At the two lowest loads (3.0 and 4.0 MN), the strain profiles
in the cross-section were similar to the profiles observed in Load
Test 2. However, in Test 3, the loads induced extensive cracking,
and the strain in the NSM bars substantially differed from the strain
in the tensile reinforcement, being higher at 3.0 and 4.0 MN but
lower at failure (6.1 MN). As the load increased from 2.0 to
3.0 MN, there was no increase in strain in the tensile reinforcement
but the NSM bars continued elongating, resulting in about twice as
high strains in the CFRP at 4.0 MN. However, at the ultimate limit
state (ULS, here 6.1 MN) the tensile reinforcement displayed
higher strains than the NSM bars. The substantial differences in
strain between the NSM bars and tensile reinforcement can prob-
ably be explained by the formation and distribution of cracks, with
high local strains in concrete cracks and lower strains in uncracked
zones. The tensile reinforcement yielded before the NSM broke or
debonded, leading to lower stiffness in the yielded steel. Conse-
quently, the strain results for the steel after yielding could be con-
sidered undefined. Excluding the undefined yield strain in the
tensile reinforcement, SGBR9Y (located at # = 40 mm in Fig. 9),
the strain distribution was nearly linear at the ULS.

J. Compos. Constr.



10

SGF12-13
------ SGF13-14
8
.
a
2 6
%]
%]
g
Z
54
c
[=]
[-=]
2
0

Deflection [mm]

Fig. 10. Maximum bond stresses over the crack at the position indi-
cated in Fig. 4, in Load Test 3

The strain and stress in the CFRP at the ULS were 1.2% and
2,520 MPa, respectively, thus the total load in the three NSM bars
would have been about 0.8 MN, given the properties listed in
Table 1. The strain distributions in Figs. 8 and 9 suggest there
was a strain-free, neutral layer at about 1.7 m above the CFRP,
and the NSM strengthening contributed a moment resistance
of around 1.3 MNm in the ULS. Corresponding approximated
moment resistances for the tensile reinforcement and prestressing
bars, assuming yielding of the steel, were 0.4 and 7.8 MNm,
respectively.

SGF 13 measured the NSM bars’ strain directly over a concrete
crack, while SGFs 12 and 14 monitored the strain at the two ad-
jacent sides (Fig. 4). The local shear stress between NSM reinforce-
ment bars and concrete 7(x) is governed by the bars’ height 7,
thickness t;, elastic modulus E, and the rate of change in stress
oy or strain €; in the axial direction x. According to De Lorenzis
and Nanni (2002) and Teng et al. (2006) the shear stress can be
calculated using the following equation:

t+2h; dx

7(x) = (1)

tf +2hf dx

Fig. 10 shows the maximum calculated shear stress over the
crack in Fig. 4 in Load Test 3. The stress increased almost linearly

200
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Fig. 11. Midspan deflection-strain curves recorded by SGFs 4 (solid

line) and 5 (dotted line) during Load Test 3
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Fig. 12. Strain distributions recorded in the longitudinal top reinforce-
ment during Load Test 2

up to a maximum of 9.2 MPa under a load of 2.5 MN. At this point,
there seemed to be a bond slip, reducing the shear stress to 6.7 MPa
as the NSM stress was redistributed over a larger distance.

However, the shear stress continued to increase after the instan-
taneous drop and recovered to 7.4 MPa before a clearer decline
began. Unfortunately, the strain monitoring in SGF 12—14 malfunc-
tioned as the load reached 3.0 MN. The shear stress had already
fallen to 2.3 MPa and was assumed to reach zero (due to complete
local debonding) before the ULS. The nominal characteristic shear
strength of the epoxy was 19 MPa, but the monitoring showed a
maximum shear stress of 9.2 MPa. However, the shear stress was
calculated by averaging values recorded by two strain gauges
(50 mm apart), and the peak stress close to the crack was probably
higher. The curing of the adhesive may have been affected by the
low temperatures, but the shear stress was actually higher than the
concrete’s tensile strength.

The NSM reinforcement overlap, 4.5 m west of Midspan
2-3, was monitored by three SG pairs, as shown in Fig. 4. The
deflection-strain curves recorded by the mid pair (SGFs 4 and
5) during Load Test 3 shows that strains were very similar in
the two NSM bars up to the ULS (Fig. 11). The S-shapes of the
curves also show that the overlap was located near the point of
zero-moment, which moved in forwards and backwards following
redistribution of the stresses as the load increased. Initially, SGFs 4
and 5 recorded tensile strains, but as the internal stresses in the
girder were redistributed under the higher loads, the strains became
compressive, changing the direction of the strain curve. After a
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Fig. 13. Strain distributions recorded in the longitudinal top reinforce-
ment during Load Test 3
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second round of tension, the joint ended up in compression. The
strains were relatively small (at most 60 us, corresponding to
12.6 MPa) in the NSM at the overlap and further investigations
are required before definitive conclusions can be drawn, but the
results indicate that the applied NSM overlapping technique
may be useful for strengthening long spans.

Figs. 12 and 13 present the strain recorded in the uppermost
longitudinal reinforcement (SGTR) of the central girder in Load
Tests 2 and 3, respectively. The curves show that strains were
slightly larger at the western (left) side of the load at all loads except
at ULS (where they were maximal at SG 4). The strains were con-
sistently higher over Column 2 than over Column 3, both before and
after strengthening. The results may have been affected by the ver-
tical loading of a vertically-curved and horizontally-curved bridge,
thus a more thorough finite-element analysis is planned to analyze
the geometrical effects. The internal redistribution of stresses and
the rotation capacity of the girders will also be investigated.

Conclusions

The results of the Kiruna Bridge tests show that the NSM strength-
ening had small but detectable effects on the bridge’s responses to
simultaneous loads up to 2.0 MN on each girder. The clearest ef-
fects were reductions in strain in the tensile steel reinforcement, but
the deflections showed similar trends. A deflection of 159 mm was
measured at the ultimate load on the central girder, and the maxi-
mum monitored CFRP strain at failure was about 1.2% (2.5 MPa).
Roughly 85% of the NSM bars’ ultimate capacity (3.3 GPa) was
used, and they contributed about 1.3 MNm to the flexural resis-
tance. The tests showed that overlapping NSM works well for long
spans, as similar strains were recorded in both of the monitored,
overlapped NSM bars. The maximum monitored shear stress be-
tween concrete and NSM CFRP was 9.2 MPa, but higher peak val-
ues could have been obtained. The shear strength of the epoxy may
have been affected by the low on-site temperatures during the 8-day
curing period (when the minimum temperature was -+1°C), but the
maximum shear stress was significantly higher than the tensile
strength of the concrete. Further research is suggested to elucidate
this phenomenon.
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